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ABSTRACT 
Measurements of ground motions during the past earthquakes indicate 
that the vertical acceleration can reach values comparable to horizontal 
accelerations or may even exceed these accelerations. They also show 
the possibility of significant amplification in the response of bridges 
in the vertical direction under ground excitations. The relative 
importance of this component of ground motion on the inelastic response 
of RIC highway bridges is investigated. 
In this study particular emphasis is placed on the inelastic 
response of the columns and piers. The bridge deck is modeled using 
isoparametric shell elements or, for computational effectiveness, a grid 
of beam elements. To be able to account for non-proportional variation 
in the axial force in the piers, the RIC column is modeled using 
isoparametric inelastic plane stress elements to represent the concrete 
and elasto-plastic truss elements to model the reinforcing steel. 
Deficiencies wi th the concrete material model available in the program 
used (ADINA) are addressed. A new nonlinear concrete material model is 
incorporated into the program which includes crushing and cracking of the 
concrete as well as unloading capability. 
Analyses of several columns under non-proportional varying axial 
load indicate the importance of this type of loading on the inelastic 
behavior of RIC members. Furthermore, the results show that phasing of 
the axial load significantly affects properties of RIC columns that are 
very important in seismic design. 
Full-scale analyses of actual bridges indicate that, in general, the 
vertical motion will increase the level of response and the amount of 
iv 
damage sustained by a highway bridge. Variation in the strength and.the 
stiffness of the columns, caused by varying axial load due to vertical 
motion, results in an increase in forces and moments in these elements 
and their foundations. Hysteresis loops are also affected when vertical 
motion is considered and more damage is sustained by the columns. 
Tensile axial load caused by the vertical motion reduces the shear 
capacity of the columns and the possibility of shear failure prevails. 
Finally, the magnitude and nature of forces induced by the vertical 
motion on the abutments and foundations are very different compared to 
cases where vertical motion is not considered. Therefore, it is 
important to consider this component of ground motion in the design of 
highway bridges. especially for those located in regions near seismic 
faults. 
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1.1 General Introduction 
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CHAPTER 1 
INTRODUCTION 
Bridges are a vital part of the lifeline systems of a metropolitan 
area. Immediately after an earthquake it is imperative that emergency 
vehicles be able to gain access to devastated areas to remove victims and 
to provide disaster relief. As a city, or a nation, tries to recover 
from a major disaster, bridges are important links in the transportation 
system that must be in service if the economic system is to recover and 
operate efficiently. 
The destruction of many highway bridges during the February 9, 1971, 
San Fernando earthquake revealed the seismic vulnerability of highway 
bridges and provided a stimulus for both theoretical and experimental 
research related to seismic response of this type of structure. Damage 
to highway bridges during past earthquakes and research work on their 
seismic response are discussed briefly in the following sections. 
1.2 Earthquake Damage to Highway Bridges 
Substantial damage to bridge structures occurred during the 1923 
Kanto earthquake in Japan. This earthquake, 7.9 magnitude, caused damage 
to nearly two thousand bridges, although a great amount of damage was 
caused by fire in the larger cities. Consequently, seismic design 
regulations were imposed, marking this earthquake as one of the most 
significant earthquakes in Japan. 
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Iwasaki, et ale (1972) provide a detailed discussion of damage to 
bridges during this and several other major earthquakes in Japan, from 
1923 to 1968. It is noted that seismic damage of bridge structures has 
occurred to abutments, piers, girders, and supports. Most of the damage 
is classified into three categories: a) weakness of supports; 
b) weakness of substructure; and c) weakness of surrounding soil. It 
should be noted that vibrational effects were the cause of damage to a 
relatively small amount of bridges in Japan. 
During the 1964 Alaskan earthquake, numerous highway bridges were 
damaged (Sturman, 1973). Similar to what happened in Japan, the causes 
and types of damage to most bridges in Alaska were due to failure of 
soils or substructures. There was not significant damage associated with 
vibrational effects. Ground effects (i. e. , foundation failure, 
settlement and horizontal displacement, etc.) were the main source of 
damage to bridges during Madang earthquake of 1970 and Chilean earthquake 
of 1971 (Iwasaki, et al., 1972). 
Unlike the pattern of damage during these earthquakes, the 
structural vibration was the main cause of damage to, or failure of, many 
bridges during the San Fernando earthquake of February 1971. During this 
earthquake 62 bridges in the epicentral region of the earthquake were 
damaged, at a cost of over 15 million dollars. The bridges that suffered 
total or partial collapse numbered 15, and 31 ·suffered major damage 
(Elliott and Nagai, 1973). 
shortcomings in the des ign. 
Damage assessment brought out some of the 
Among the key deficiencies which led to 
collapse of, or damage to, bridges were: 1) small seat width at 
expansion joints and lack of horizontal ties to prevent excessive 
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relative displacement across the joints; 2) inadequate transverse. 
reinforcement in the columns to provide shear resistance and ductility; 
3) insufficient reinforcing steel at the top of footing, resulting in 
pullout of the column; 4) improper location of expansion joints, which 
caused unstable configuration of spans in which only one column was 
placed between two joints; and 5) inadequacy of abutments and wing walls 
to prevent or minimize displacement and to reduce damage and/or collapse 
at the columns. There are several reports on the damage and failure of 
bridges during this earthquake; among these are reports by Elliott and 
Nagai (1973), Jennings and Wood (1971), and Fung, et al. (1971). 
Many of these problems have been studied by researchers, and those 
studies are discussed briefly in the next section. 
1.3 Research Work on Seismic Response of Highway Bridges 
During the last two decades many studies, both analytical and 
experimental, have been performed to provide a better understanding of 
the behavior of this class of structures under seismic loading. Among 
these was a comprehensive one undertaken by the University of 
California, Berkelev. The first part of the study included a literature 
survey compiled by Iwasaki, Penzien and Clough (1972). It includes a 
survey of bridges that failed during past earthquakes and discusses many 
of the more important research investigations performed on seismic 
response of bridges up to that date. Also, presented in this report is a 
comparison of specifications for earthquake-resistant design of bridges 
employed at the time by various organizations around the world. 
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Tseng and Penzien (1973) studied, analytically, the seismic response 
of long, multiple-span, highway bridges of the type which suffered heavy 
damage during the San Fernando earthquake. Chen and Penzien (1975, 
1977) investigated the dynamic behavior of short, single or multiple span 
bridges, along with nonlinear soil-structure interaction of skew highway 
bridges. An experimental model study relating to the seismic resistance 
of large multi-span curved overcrossings was reported by Williams and 
Godden (1976). Imbsen, Nutt, and Penzien (1978) compared the response of 
3 highway bridges using linear and nonlinear time history analyses. The 
conclusions and recommendations of the above studies are well documented 
in the corresponding reports and will not be discussed here. 
Many of the recommendations of the preceding research studies are 
reflected in the current seismic design criteria for highway bridges. 
Prior to 1971, bridges were designed for seismic loads employing codes 
based on the lateral force requirements developed for buildings by the 
Structural Engineers Association of California (AASHTO, 1983). The 
earthquake coefficient ranged from two percent minimum up to a maximum of 
13 percent of the dead load of the bridge, depending on structural 
conditions and soil type (Elliott and Nagai, 1973). 
Other researchers have also performed analytical and experimental 
tests on seismic response of highway bridges. For example, Werner, et 
ale (1985) have examined the response of Meloland Road Overpass during 
the 1979 Imperial Valley Earthquake. Werner, et ale (1979) studied the 
effects of travelling seismic waves on the response of bridges. They 
indicate the importance of phase difference in input ground motions and 
the angle of incidence of the travelling seismic waves on the response. 
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To augment these works, full-scale tests were performed on bridges by 
several researchers. A series of sinusoidal excitation tests were 
conducted by Shepherd and Charleson (1971) to estimate natural 
frequencies and damping values. Douglas and Richardson (1984) performed 
a series of large amplitude dynamic tests on the Rose Creek Interchange 
located in Nevada. The loads, with a maximum of 1.5 times the des ign 
load, were applied in the lateral direction. I t was found that the 
overall rotation of pile foundations is a maj or contributor to soil-
structure interaction during large amplitude tests of highway bridges. 
Additional literature on both analytical and experimental aspects of 
the seismic response of highway bridges may be found in a report 
published by the Applied Technology Council (1979). 
1.4 Objective and Scope 
So far, most of these works consider only the effect of horizontal 
components of motion. As a result of this, the current guidelines for 
seismic design of highway ridges, recommended by AASHTO (1983), considers 
only the two horizontal components of motion in the analysis. 
It is the purpose of this study to investigate the effects of 
vertical motion, in conjunction with transverse motion, on the behavior 
of RIC highway bridges. The possibility of high ground acceleration in 
the vertical direction will be addressed, along with its possible 
contribution to damage and failures during past earthquakes. To 
investigate the effects of vertical and transverse motions together, it 
is important to employ a finite element model which incorporates the 
geometric and stiffness properties of the deck superstructure, yet is 
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also simple and economical. Furthermore, since columns and piers are· a 
major source of energy dissipation through nonlinear behavior, particular 
emphasis will be placed on the study of the nonlinear behavior of these 
elements. Therefore, it is important to represent these components with 
as realistic of a nonlinear model as practical that can simulate the 
complex behavior of RIC members under arbitrary loading conditions and 
histories. 
Hence, the main obj ectives of this study can be summarized as 
follows: 
1. To verify the importance of vertical motion and to investigate 
its possible impact on bridge structures. 
2. To develop a 3 -D model for the bridge deck that is simple and 
economical, yet is accurate in representing the deck response 
to 3-D motion. 
3. To develop an analytical model of a RIC column to handle complex 
loading patterns and to verify its effectiveness by comparing 
analytical results with experimental tests. 
4. To perform a detailed study of nonlinear response of RIC columns 
under cyclic lateral load and nonproportionally varying axial 
load. 
S. To perform detailed studies of actual bridges to examine the 
damage process and the relative importance of vertical motion. 
6. To evaluate the adequacy of current specifications for seismic 
design of highway bridges with regard to the effects of vertical 
earthquake motions. 
2.1 Introduction 
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CHAPTER 2 
BACKGROUND AND MOTIVATION 
In current earthquake design codes for both building and bridges, it 
is not required to incorporate the effect of the vertical component of 
ground motions. Such lack of consideration stems from the assumption 
that the maximum acceleration in the vertical direction is small and 
always smaller than the maximum acceleration in horizontal directions. 
Probably additional cost in analysis and design associated with 
considering the vertical component of ground motion is another factor 
that contributed to such justification. However, contrary to such 
assumptions, reports on recent earthquakes indicate that not only is the 
maximum acce ler a tion in vertical direction significant, but also there 
have been earthquakes where the maximum acceleration in this direction 
has exceeded the maximum acceleration in the horizontal directions. 
It is the purpose of this chapter to elaborate on this point and to 
present earthquake measurements and theoretical works that indicate the 
importance of the vertical component of earthquake motions and motivated 
the authors in pursuing this study. 
2.2 Recent Earthquakes 
2.2.1 Field Reports and Measurements 
Probably the only positive side to recent earthquakes is that they 
have provided a large amount of valuable data on ground and structural 
motions. 
increase, 
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These data have notably increased, and will continue to 
the knowledge of experts in the field of earthquake 
engineering. Investigation into some of these data signifies the 
importance of the vertical component of earthquake motions. 
On February 9, 1971, a destructive earthquake of magnitude 6.6 
struck the northern parts of Los Angeles adj acent to the San Fernando 
Valley. The maximum vertical acceleration of the San Fernando 
earthquake was recorded at Pacoima Dam and was 0.7g. Observed maximum 
displacement across the fault trace is about six feet in the vertical 
direction and about five feet in the lateral direction (Housner, 1971). 
Indeed, reports of field investigations indicate that the vertical motion 
played a major role in damage sustained by bridges during this 
earthquake. Based on field investigations by Fung, et ale (1971), the 
vertical acceleration is one of the primary causes of damage quring this 
earthquake. They conclude that, " ... the vertical force generated by the 
vertical acceleration may have been the crucial force that caused the 
collapse of some of the structures." Elliot and Nagai (1973) also 
indicate that, " ... although the initial failure may have been from 
horizontal forces, pounding from vertical acceleration contributed 
heavily to the destruction." 
The El Asnam earthquake of October 10, 1980, is cons ide red 
extraordinary because of the strong movement in the vertical direction 
(Mallick, 1984). A maximum of 5m (16.5 ft) of vertical shift during this 
earthquake has been reported. Unfortunately, no acceleration records of 
this earthquake were available to define the basic dyuamic character-
istics of the motion. However, there have been indications that the 
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vertical acceleration may have reached a maximum very close to 19, while 
the maximum horizontal acceleration is estimated about O.25g (Despeyroux, 
1984) . Inspection of buildings after the earthquake have shown many 
cases of failures which could be ascribed only to vertical forces. 
Despeyroux (1984) indicates that, "There is practically no example of a 
failure obtained through the repetition of a number of cycles of an 
increasing amplitude, with plastic hinging. On the contrary collapses 
generally appear as the consequence of brittle failures ... " As it will 
be pointed out in later parts of this study, axial force has significant 
influence on strength, stiffness and ductility of RIC members, and axial 
load of high intens i ty might be generated by vertical motion. For 
example, an increase in axial load adversely affects the ductility 
resulting in brittle failure. Furthermore, reduction in axial load 
decreases shear capacity of a section causing shear failure of RIC 
members as it was observed during El Asnam earthquake. Pulling out of 
reinforcement, prior to reaching the section's designed moment capacity, 
is another type of damage that can be attributed to tensile axial forces. 
This type of damage was noticed during El Asnam and the San Fernando 
earthquakes. 
Finally, contrary to the traditional belief, records show during a 
recent earthquake of magnitude 5. 9 in Southern California the vertical 
acceleration was significant and much higher than the horizontal 
acceleration. The earthquake occurred on July 8, 1986, with an epicenter 
12 km northwest of Palm Springs on the San Andreas fault. Strong motion 
accelerometer recordings indicate O.68g horizontal and O.78g vertical at 
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North Palm Springs at 8 km epicentral distance, and O.33g horizontal and 
0.59g vertical at Desert Hot Springs at 10 km (EERI, 1986). 
2.2.2 Structural Response 
Disregarding the vertical component of earthquake motion in analysis 
of structures under seismic load has resulted in insufficient attention 
to recording the vibrational response of structural systems in this 
direction. For example, among the l3-channel accelerograph system 
installed on Imperial County Service building, only one channel is in the 
vertical direction. It was located in the basement of the building and, 
therefore, nothing can be learned about vertical vibration of the 
s truc ture from its recording. It is worthwhile to mention that this 
building was designed in conformance with the 1967 version of the Uniform 
Building Code. However, it was severely damaged during the Imperial 
Valley earthquake of October 15, 1979. Free field recording of the 
ground motions indicates 0.2lg, 0.24g, and 0.24g maximum acceleration in 
N-S, E-W, and vertical direction, respectively. Based on seismic design 
guidelines, which only considers horizontal motions, the structure should 
have survived the earthquake. Although there are so many recordings in 
different levels of the structures in the horizontal direction, with lack 
of recordings in the vertical direction, it is not surprising that there 
is not a unique opinion on the cause of failure among those who 
investigated this building (Kreger, 1983). 
However, there are better records of vibrational response of highway 
bridges to earthquake motion. Many of the 26 transducers located on or 
near the Meloland Road Overpass are in the vertical direction. Their 
recordings show that during the same earthquake (i.e., Imperial Valley, 
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October 9,. 1979), the road deck horizontal and vertical peak 
accelerations were comparable, and they reached acceleration levels of 
O.Slg and O.SOg, respectively, indicating the possibility and importance 
of vertical excitation of structural systems caused by ground motions. 
Due to extensive damage that occurred to the highway bridges during 
the San Fernando earthquake, a program was initiated in the mid-1970's 
wi thin the California Strong Motion Instrumentation Program (CSMIP) to 
instrument bridges and other transportation structures. The Rio Del 
Overpass (two-span RIC box girder bridge) was instrumented in September 
1977 with 20-channels of accelerometers (Shakal, et al., 1984). Since 
then it has been sub j ec ted to three earthquakes for which records are 
available. During the Cape Mendocino Offshore earthquake of August 1983, 
the peak vertical acceleration at the center of a span was larger than 
that at the abutment by nearly a factor of ten. In contrast with the 
dramatic difference seen for the vertical response of the bridge, the 
transverse acceleration shows only a moderate increase in amplitude at 
the center of the bridge compared to the abutment. The response spectra 
for both vertical and horizontal motions on the deck and at the abutment 
are shown in Figs. 2.1 and 2.2. 
2.3 Analytical Work 
2.3.1 Previous Studies 
Similar to measurement of the vertical component of earthquake 
motions, limited analytical work has been performed on structural systems 
to assess the effect of this motion on their seismic performance. This 
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is especially true with regard to nonlinear behavior of structures. 
Newmark and Rosenblueth (1971) argue the importance of the vertical 
motion, specifically when it acts simultaneously with other components of 
ground motion. They mention that the importance is usually much greater 
when inelastic behavior is considered. Indeed, Shih and Lin (1982) have 
shown that for softer structures with a small post-yielding to pre-
yielding stiffness ratio, the aggravating effect of vertical motion in 
causing greater structural response is more pronounced. 
Work by Anderson and Bertero (1971) on a lO-story unbraced steel 
frame indicates that inclusion of the vertical motion can result in 
significant increase in the ductility requirements of the upper story 
girders and columns and lower story columns. Results of a study on a 6-
story braced steel frame by Goel (1977) indicate similar effects. 
Sakurai's (1977) conclusion based on response observations, vibrational 
tests and numerical work on a lO-story building is that, "The vertical 
responses of the building are as important as the horizontal responses to 
dynamic stability of the structure during right-under earthquakes." 
Numerical results by Iyengar and Saha (1977) reveal that it is essential 
to consider the vertical ground motion in analyzing stacks and towers. 
Finally, elastic analyses of 6-story reinforced concrete frames has 
shown that the vertical component of ground motion causes large forces in 
the upper story columns. Furthermore, axial force in the interior 
columns of lower stories are considerably affected by this component of 
ground motion (Kikuchi and Yoshimura, 1984). Hence, analytical work on 
effects of the vertical motion, although limited, indicate the importance 
of this motion on seismic performance of buildings. 
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Due to the relatively low value of the vertical frequencies for 
bridges (within 2.5 to 6 Hz for the first two modes) the effect of the 
vertical motion is even more pronounced, since the greatest amount of 
energy from an earthquake is in this frequency range. In the next 
section, an example is given that illustrates those forces that can be 
exerted on different components of highway bridges via vertical 
vibration. Also, the possible effects of these forces on overall 
behavior 0 f the bridge is discussed, and they are compared with those 
forces obtained using current design codes. 
2.3.2 The San Fernando Road Overhead Bridge 
One of the bridges that was severely damaged during the San Fernando 
earthquake was the San Fernando Road Overhead Bridge. It was located 
about 14 km from the epicenter of the earthquake and about 10 km from 
Pacoima Dam. As shown in Fig. 2.3, the bridge was a two - span (122 ft 
each) RIC box girder bridge with a single-column at midspan and with 
monolithic abutments. This is probably the most common type of bridge 
currently being built in California. 
The damage that resulted from failure of the pier at its base was so 
severe that the entire bridge had to be replaced. The concrete core at 
the base of the pier was crushed and longitudinal reinforcements buckled 
into large loops, as seen in Fig. 2.4. The monolithic abutments also 
suffered some damage during the earthquake. 
The longitudinal reinforcement consisted of 32 - #18 bars tied with 
very little transverse reinforcement. The large longitudinal 
reinforcement ratio (P ~ 4.6%) gives a very large yield moment for the 
t 
column as seen from the P-M curves in Fig. 2.5. Elastic static analysis 
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shows that for 0.4g peak acceleration in the transverse direction only 
7200 k-ft moment is generated in the pier, which is much lower than its 
yield moment. The analysis is based on single mode spectral analysis 
method described in Chapter 5 of AASHTO seismic guide (1983). Assuming 
linear behavior, 0.7g acceleration causes 12,600 k-ft moment in the pier. 
Considering the axial load of l500k, due to the dead load, the yield 
moment for the pier is about 14,500 k- ft, indicating that the column 
could not have yielded under only transverse motion. Note that these 
moments are calculated based on an elastic analysis and, as Barenberg and 
Foutch (1986) have shown, the actual moments, based on nonlinear dynamic 
analyses, are even smaller than these. The reason is due to elongation 
in the period of the structure resulting from cracking of the concrete. 
To determine if vertical vibrations could have been a contributing 
factor in the damage, an analytical study of the bridge was conducted. 
An elastic finite element model was developed. The first five natural 
frequencies and mode shapes are shown in Fig. 2.6. Note that the lowest 
two natural frequencies are associated with vertical modes. The 
participation factors are also given in the figure. These indicate that 
the contribution to forces exerted by the vertical motion comes almost 
entirely from the second mode, or the first symmetric mode. The first 
mode, which is asymmetric, contributes almost nothing, as expected. 
The model was subjected to the vertical component of ground motion 
recorded at Pacoima Dam. The effective peak acceleration of this 
component was about O. 7 g. The damping was assumed to be 2% of the 
given in Fig. 2.7 and the vertical abutment force is shown in Fig. 2.8. 
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The dashed horizontal lines in Fig. 2.7 represent the balanced and 
cracking loads for the column. Variation of the column axial force, due 
to the vertical motion, compared to the dead load is significant. It 
actually exceeds the balanced and cracking loads several times. 
If the axial force in a RIC member is greater than the balanced 
load, a brittle failure may result because the concrete crushes before 
the longitudinal steel yields. Note that even if the balanced load is 
not actually exceeded, the ductility of the column is greatly reduced as 
P approaches Pb . This column was severely deficient in hoop ties, so the 
concrete was surely unconfined. 
On the other hand, as seen from the P-M curve in Fig. 2.5, tensile 
axial force reduces the yield moment substantially. From the time 
history of the axial force (Fig. 2.7), it appears that tensile axial 
force considering vertical motion could have been as great as -1600k. 
The P-M curve indicates that at this level of axial force the yield 
moment is about 8300 k-ft. This is much lower than the required 
12,600 k- ft capac i ty under the earthquake response in the transverse 
direction. Thus, vertical vibration in conjunction with lateral motion 
may have caused yielding of the column. Due to the low transverse 
reinforcement rat io of 0.09% and, therefore, low ductility, the column 
was damaged badly once it yielded. 
Another problem associated with low compressive or tensile axial 
forces is reduction in the shear capacity of the column. As shown in 
Fig. 2.7, tensile axial force exceeds the cracking load of the section. 
This would cause formation of new cracks and would widen the depth of 
flexural cracks that already exist. Consequently, similar to flexural 
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strength, shear capacity decreases greatly. ACI Committee 426 suggested 
the following formula to compute the shear carried by the concrete in 
members subjected to tensile axial force (Park and Paulay, 1975): 
v 
c 
N 
2(1 + 0.002 AU)jf~ 
g 
(psi) (2.1) 
where N is the axial force and is negative for tension; A is the gross 
u g 
cross-sectional areas; and f' is specified compressive strength of 
c 
concrete. This formula is given as linear interpolation between 
v = 2/f'. wi th no tens ion and v o for an axial tensile stress of 
c c c 
In this example with N = -1600k and A 
u g 
2 21 ft , the axial 500 psi. 
tensile stress is 530 psi, hence, based on Eq. 2.1, concrete shear 
capacity is zero (v = 0). 
c 
With lack of transverse reinforcement, this 
means that the column's shear capacity is zero. 
Furthermore, high variation of axial load in the column may 
deteriorate the bond between the concrete and reinforcing steel. 
Deterioration of the bond will cause pullout of the bars extending from 
the pier into the pile caps. Such a failure mechanism was one of the 
primary causes of bridge failure during the San Fernando earthquake of 
February 1971 (Elliott and Nagai, 1973). 
The large oscillating vertical abutment reaction shown in Fig. 2.8 
could be another source of damage in highway bridges. The numerous case 
histories of damage to, or failure of, abutments during past ear~hquakes 
have demonstrated the need for more careful attention to design and 
detailing of abutments in seismic zones. Based on the current design 
codes, dead load reactions are the only vertical forces that must be 
resisted by the abutments of this bridge. The magnitude of this force is 
17 
450k and is compressive. However, due to the vertical acceleration the 
intensity of this force in compression may triple, as seen from Fig. 2.8. 
Or it may exceed the dead load in the opposite direction, inducing upward 
forces of high intensity on the abutment. Most likely, abutments and 
detailings designed with no regard for such loading possibilities will 
sustain much higher degree of damage and displacement in the event of an 
earthquake. Finally, forces induced by vertical motion might affect the 
behavior of foundation underneath abutments and columns. 
2.4 Concluding Remarks 
From measurements of ground accelerations during the past earthquake 
discussed in previous sections, it is apparent that contrary to the 
customary belief, the vertical acceleration can reach values comparable 
to horizontal accelerations or may even exceed these accelerations. 
Furthermore, history of damage and failure of some structures during 
those earthquakes hints.at the possibility of vertical motion as one of 
the primary causes. Also, considering only horizontal motions, 
analytical studies have not been able to reveal the sources of all 
structural failures during past earthquakes. Linear analysis of a two-
span bridge showed that significant forces might be induced via vertical 
vibrations, and they can be a potential factor in causing damage or 
failure. Hence, it is important to explore the effects of vertical 
seismic excitation. 
3.1 Introduction 
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CHAPTER 3 
ANALYTICAL MODEL OF THE BRIDGE 
To investigate the effect of vertical motion along with other 
components of an earthquake, 3-D modeling of the bridge deck system is 
essential. Certainly, with the aid of current finite elements, such 
modeling is possible. For example, using isoparametric shell elements, 
the entire deck of a reinforced concrete box girder bridge can be modeled 
with exact representation of its box cross-section. Such a model (SHELL 
MODEL) is very effective in identifying different mode shapes of bridge 
systems, and can trace the exact response of bridge models under multi-
dimens ional earthquake motions. However, the time and cost associated 
with using such shell models in a nonlinear time history analysis makes 
their use impractical. Therefore, it is very useful to develop a model 
that is simple and economical and is accurate in representing the 
vibrational characteristic of the system in 3-D space. Such obj ectives 
can be achieved by modeling the bridge deck as a set of beam elements 
forming a grid. Properties of constituent elements in such model (GRID 
MODEL) are obtained from the geometry of the box cross-section and from 
the she 11 mode 1 by matching several fundamental frequencies and mode 
shapes of the two models. In the following sections, the shell model is 
described and it is explained how the grid model is extracted using the 
shell model. Also, the solution strategy and assumptions in solving the 
governing differential equation of motion are discussed. Finally, the 
results of a grid model of Meloland Road Overpass subjected to the 1979 
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Imperial Valley earthquake are compared to the measured response, and 
adequacy of the model is demonstrated. 
3.2 Shell Model 
A typical box girder cross - section is shown in Fig. 3.1. Flanges 
and webs of such a section can be modeled separately using shell 
elements. Then by connecting these components, the entire cross-
section is modeled. To simplify the model, the box section is slightly 
modified such that, similar to center webs, the end webs intersect the 
top and bottom flanges at right angles (Fig. 3.2). Now, using shell 
elements the geometry of the box section is accurately represented as 
seen in Fig. 3.3. 
In a typical RIC box girder bridge, there are diaphragms in the 
middle of each span that contribute to the integrity of the cross-
section in the vertical plane. These components are modeled with plane 
stress elements. Similarly, the stiff beams at the ends and at the top 
of the column bent are modeled with plane stress elements. For elastic 
analyses, the columns are modeled with 3-D beam elements. 
3.2.1 Shell Element 
Shell elements are capable of simulating in-plane and out-of-plane 
deformations and, therefore, are very suitable for 3-D modeling of 
structural systems. Shown in Fig. 3.4 is a l6-node cubic shell element 
that is very effective for analysis of plates and shells and was used in 
modeling the bridge deck. Although the option of nodes on topfbottom 
surfaces is available, nodes are placed only on the mid-surface for this 
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. study. This is because, compared to overall dimension of the box 
section, the thicknesses of constituent plates are very small. Each mid-
surface node has 3 translational degrees-of-freedom referred to the 
global coordinate system and 3 rotational degrees-of-freedom if referred 
to the global coordinate system. If rotational degrees-of-freedom are 
referred to a local coordinate system, only 2 rotational degrees-of-
freedom are defined. The user must define a normal vector at each mid-
surface node to be used in the description of shell geometry and local 
coordinate system. This is the reason for slightly modifying the 
geometry of the cross-section, so that it is easier to define the normal 
vectors. Also, it is simpler to interpret the results, since the local 
coordinate system will coincide with global coordinate system. The shell 
element does not associate any stiffness with the rotational degree-of-
freedom in the direction of mid- surface normal vector. Therefore, if 
such degree-of-freedom is not fixed, or constrained, another element in 
the structural model must yield stiffness in that rotational direction. 
The basic equations used in the formulation of the element are given in 
Section 5.4.2 of Bathe (1983). The formulation is very general with no 
use of any specific shell theory. The only assumptions made are that: 
1) lines originally normal to the mid-surface of the shell remain 
straight during deformation of the shell; and 2) the normal stress in the 
direction of the mid-surface normal vector is zero. Note that 4x4 Gauss 
integration was employed in calculation of element matrices and vectors. 
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3.2.2 Plane Stress and Beam Elements 
Four or five node isoparametric plane stress elements are used in 
modeling certain components of the bridge deck (Section 3.2). As seen 
in Fig. 3. Sa, each node has 2 degrees - of - freedom. The 3-node side is 
used for connection to the shell elements. Although this will improve 
compatibility of displacements on the boundaries, still the mesh is 
incompatible in those cross-sections where these elements are used. 
However, as it is explained in the next section, this is not an important 
factor. Numerical integration is performed using 2x2 Gauss integration. 
For elastic analyses, the columns are modeled with a 2-node 
Hermi tian beam element. There are 6 degrees-of-freedom at each node 
(Fig. 3.Sb). This corresponds to a cubic variation of transverse 
displacement and a linear variation of longitudinal and torsional 
displacements. The element stiffness matrix is evaluated in closed form. 
A detailed description of the formulation of this element, as well as the 
plane stress element, are given by Bathe (1983). Note that there is a 
problem associated with connecting this element at only one node to the 
flexible shell elements representing the bottom flange or to the plane 
stress elements, which do not have rotational DOF. This problem along 
with any other modeling difficulties are addressed in the next section 
and, if necessary, appropriate approaches to eliminate such difficulties 
are presented. 
3.2.3 Some Remarks on the Shell Model 
For modeling diaphragms, plane stress elements are connected to 
shell elements that represent top and bottom flanges or the webs. 
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Discrepancy in the number of nodes defining different elements, namely 
plane stress and shell elements, will cause incompatibility of the local 
cross-sectional displacements. However, due to the high rigidity of the 
deck in bridges, the cross-sectional deformation is negligible compared 
to overall deflection and rotation of the cross-section as a rigid body. 
Shown in Fig. 3.6 and 3.7 are the mid-span cross-sectional deformation 
of a typical box girder bridge corresponding to the first mode shape and 
the las t mode shape of interes t. As seen from these figures, for the 
first mode shape which corresponds to a vertical mode, the cross-
sectional deformation is rigid body translation. For the other mode, 
which is a coupled flexural and torsional mode, the deformation of the 
cross-section is rigid body translation and rotation. 
Another place to exercise caution is where the columns (beam 
elements) connect to the deck (shell and plane stress elements). 
Although both the beam and the shell elements have rotational degrees-of-
freedom, due to the flexural flexibility of the shell element 
representing the bottom flange, the connection may deform as shown in 
Fig. 3.8. This will result in a situation where the column does not see 
any rotational deformation. Therefore, the model will be much softer 
than the actual bridge. Note that the stiff plane stress element 
representing the rigid beam at the column bent cannot help to resolve 
the problem. This is because plane stress elements do not have 
rotational degrees-of-freedom. 
To overcome the problem and to incorporate the full stiffness of 
the column, a rigid beam element is placed across the deck width at the 
top of the column as shown in Fig. 3.9. Another approach would be to 
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constrain the rotation at the juncture node to the vertical translations 
of the adjacent nodes. Note that such solutions are only valid if cross-
sectional deformation is negligible. Indeed, as mentioned before, this 
is the case for a RIC box girder bridge, especially at the section 
corresponding to the top of the column where a rigid diaphragm is 
placed. 
Finally, consider the intersection of a typical flange to the 
corresponding web (Fig. 3.10). The finite element idealization of this 
intersection using shell elements, is also shown in this figure. As 
mentioned before, the nodes are on the mid-surface and due to 
isoparametric nature of the element formulation, compatibility is 
preserved on this surface. However, this is not true over the thickness 
of the elements at these intersections. This is due to the fact that the 
shell element does not attribute any stiffness to the rotational degree-
of-freedom in the direction of the normal to the mid-surface. However, 
because of relatively thin flanges and webs compared to the overall 
dimension of the bridge deck, this problem is not important since the 
linear response of the deck in its fundamental modes is of interest and 
no stress analysis is performed. 
3.3 The Grid Model 
Although the shell model described in the previous section 
accurately represents the bridge deck, the computational time and cost 
associated with such a model prohibits its use in a comprehensive 
nonlinear dynamic analysis. However, using that model, it 1S possible to 
develop a more economical 3 - D model of the bridge deck. As shown in 
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Fig. 3.11, this model (GRID MODEL) consists of beam elements forming a 
grid. 
Derivation of the grid model from the properties of the deck and the 
shell model is simple and straight-forward. First, depending on the 
number of cells in each section, the cross-section of the box girder is 
divided into several I-shape girders. Flexural and axial properties of 
these sections are used to model the main beam in the longitudinal 
direction of the grid model (Fig. 3.11). Properties of the heavy beams 
at the ends and at the center bent are used in modeling the main beams in 
the transverse direction. 
Now a series of links are used to insure the continuity in the 
deformation of the longitudinal beams, such that the bridge deck behavior 
is represented within the desired accuracy. Desired accuracy being the 
good representation of first several mode shapes and frequencies compared 
to the shell model, especially the symmetric modes in the vertical and 
transverse directions. These are the dominant modes of the deck response 
to earthquake motions. To do so, the links must have only axial 
stiffness and bending stiffness about the longitudinal axis of the deck. 
These properties, along with the torsional stiffness of the main beams in 
the longitudinal direction, are set by matching the desired mode shapes 
and frequencies of the grid model with that of the shell model. 
Employing such an approach, a typical box girder bridge is modeled. 
Properties of the bridge cross - section are given in Table 3.1. The 
properties of the grid model are also given in this table. The 
frequencies and modal participation factors for several modes for both 
models are shown in Table 3.2. The corresponding mode shapes are plotted 
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in Fig. 3.12 through 3.19. As seen from these tables and figures, the 
grid model can represent with good accuracy the overall characteristics 
of the bridge deck. The grid model reduces the computational cost 
considerably. Note that the number of equations for the grid model in 
this example is equal to 450, which is smaller than that for the shell 
model (4800 equations) by more than a factor of ten. 
3.4 Procedure for Dynamic Analysis 
3.4.1 Equations of Motion for Linear Analysis 
The equations of motion for a linear system subjected to a ground 
motion excitation can be expressed as follows: 
[M] {U} + [C] {U} + [K] {U} = - [M] {Y} (3.1) 
where: 
[M] mass matrix of the system; 
[C] damping matrix; 
[K] stiffness matrix of the system; 
{Y} ground acceleration vector; and 
{U}, {U}, and {V} - vectors of relative displacement, velocity and 
acceleration of the system 
Applying Newmark's beta method (Newmark, 1959), Eq. (3.1) can be 
integrated numerically in the time domain in a step-by-step fashion. The 
following assumptions are used: 
(3.2) 
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which is the constant-average-acceleration method, originally proposed by 
Newmark as an unconditionally stable scheme. Using Eqs. (3.2) and (3.3) 
velocities and accelerations at step k+l can be obtained in terms of the 
unknown displacements at step k+l and known quantities at step k. 
Substituting such relations into Eq. (3.1) for step k+l gives: 
[k] {U}k+l {P} (3.4) 
where 
[k] - 4 [M] + :t [C) + [k] ~t2 JJ. (3.5) 
P (3.6) 
Equations (3.4) can be solved for Uk+l and then using Eqs. (3.2) and 
(3.3), Uk+l and Uk+l can also be calculated. 
3.4.2 Equations of Motion for Nonlinear Analysis 
The governing equilibrium equations for a nonlinear system 
subjected to ground excitation and neglec,ting the effects of a damping 
matrix can be expressed as follow (Bathe, 1982): 
(3.7) 
where superscript i denotes ith iteration, tK is the updated stiffness 
matrix at time t, R is the vector of applied external loads, F is the 
internal forces, and ~U(i) is: 
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(3.8) 
Using the same assumptions for displacements and velocities as given by 
Eqs. (3.2) and (3.3) (Newmark's constant-average-acceleratio~) and using 
Eq. (3.8), 
Now substituting into Eq. (3.7), we have 
[P] 
where 
t· t·· U - U 
p = t+~tR _ t+~tF(i-l) _ M[~ (t+~tU(i-l) _ tU) 
~t2 
(3.9) 
(3.10) 
(3.11) 
(3.12) 
Iterations on Eq. (3.10) will continue until pre-assigned tolerance(s) 
is (are) satisfied. See Sections 4.5. 1 and 4.5.2 for discuss ions on 
iterative methods and convergence criteria. 
If damping is included, using a similar approach the dynamic 
stiffness matrix, K, and the dynamic load vector P take the following 
form: 
[k] (3.13) 
p 
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M[~ (t+~~(i-1) _ t U) ~t2 
4 tu _ tU] _ C [1... (t+~ ~ ( i -1) _ ~) _ tu] 
~t ~t 
3.4.3 Time Interval 
(3.14) 
There are two factors that must be considered in employing an 
appropriate time step: 1) stability of the numerical integration scheme, 
and 2) proper representation of the input ground motion acceleration 
function. 
Using constant-average-acceleration method (i.e., Newmark method 
with beta - 1/4) for a linear system, the first requirement is satisfied 
automatically, since the method is unconditionally stable. Ground 
motions are normally digitized at 0.02 sec intervals, therefore, for the 
linear analyses of problems in this study, ~t equal to 0.02 or 0.01 sec 
is used. If ~t = 0.01 sec, the ground acceleration is obtained by linear 
interpolation between two coordinate points. 
Al though the numerical integration scheme used is unconditionally 
stable for linear systems, the method becomes unstable for a nonlinear 
system if the time step is large (Adeli, et al., 1978). Unlike 
conditionally stable methods in linear analysis, for nonlinear analysis 
a stability criteria to control the time step is not established yet. 
However, it is apparent that only for a small time step the implicit 
procedures are stable (Belytschko, 1976). Therefore, in the solution of 
the nonlinear problems in this study, ~t - 0.0025 sec is used. 
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3.4.4 Damping Matrix 
The damping matrix is assumed to be a linear combination of the mass 
matrix and the stiffness matrix. That is, 
[C] ~ a[M] + ~[k] (3.15) 
where a and ~ are constants to be determined. This type of assumption on 
damping is known as Rayleigh damping, which satisfies the orthogonality 
condition. Using this condition, it can be shown that (Clough and 
P enz ien, 1975): 
~ . 
~ 
f3w. 
a ~ 
+--2w. 2 
~ 
(3.16) 
where w. and ~. are the modal frequencies and damping. From Eq. (3.16), 
~ ~ 
the constant 0 and ~ can be determined from two damping ratios that 
correspond to two different frequencies. Once these multipliers are 
determined, the damping of any other mode can be evaluated using 
Eq. (3.16). From Eq. (3.16), it is apparent that damping in the higher 
modes depend mostly on the ~, while for lower modes it depends mainly on 
the o. Considering Eq. (3.15), this means that the mass proportional 
damping term increases the effect of damping in the lower modes, while 
the stiffness proportional damping increases the effect of damping in the 
higher modes. 
In nonlinear analysis, the stiffness matrix, K, is not constant. 
Therefore, either the initial stiffness matrix or the tangent stiffness 
matrix may be used in calculation of the damping matrix. In the program 
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used, the K in Eq. (3.15) is the stiffness matrix established for the 
linear elements (ADINA, 1984). 
3.5 Time History Analysis with Grid Model 
The adequacy of the grid model under time history analysis is 
demonstrated using the measured response of the Meloland Road Overpass 
during the Imperial Valley earthquake of October 1979. 
The Meloland Road Overpass is a two-span reinforced concrete bridge 
that was instrumented with 26 strong motion accelerometers. The 
instrumentation layout is shoWn in Fig. 3.20. The 6.4 magnitude, 
Imperial Valley earthquake triggered the accelerometers, providing 
extensive measurements of the bridge response to a strong ground motion. 
After obtaining the properties of the grid model for this bridge, a 
frequency analysis was performed. The corresponding frequencies for this 
initial trial are shown in Table 3.3. It indicates a frequency of 3.8Hz 
for the first symmetric transverse mode, and 4. 7Hz frequency for the 
first symmetric mode in the vertical direction. These are the dominant 
modes of response with participation factors of unity. Note that pinned 
connections at the abutments and a fixed condition at the column base are 
assumed. 
Response spectra for Channels 18 and 22 (i.e., motion of the middle 
spans in vertical direction) are shown in Figs. 3.21 and 3.22. They 
indicate a dominant response at frequency of 4.7Hz. Indeed, a 
comprehensive study of this bridge by Werner, at ale (1985) identifies a 
symmetric mode with a frequency of 4.7Hz as the dominant response mode in 
the vertical direction. However, the response spectra of Channel 7 
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(center of the deck in transverse direction) shown in Fig. 3.23 denotes a 
dominant response at frequency of 2.5Hz. As seen from the similarity of 
the time histories of Channel 7 and Channel 3 (at the abutment), plotted 
in Fig. 3. 24, the transverse response is dominated by the rigid body 
motion of the entire bridge system (i. e., abutment and bridge deck 
moving together), with relatively little dynamic amplification in the 
deck (Werner, et al., 1985). 
Two types of springs are used to model the effect of soil/structure 
interaction. These are a translational spring element at each abutment 
and a rotational spring at the base of the column. Their values are 
taken equal to those give by Douglas, et ala (1984). That is, 
K = 9.25xl06lb/ft and K() 
abut 
col. 
7 
= 8.5xlO lb/ft. With these springs, the 
fundamental frequency of the system in the transverse direction is equal 
to 2.5Hz. The frequencies of the new model is shown in Table 3.4 
In Fig. 3.25, the input ground motions for each direction are 
shown. The maximum transverse ground acceleration is O.3g which, when 
compared to the maximum response of O. 5g at the center of the bridge, 
(Channel 7) indicates a highly damped response in this direction. 
Douglas, et ala (1984) gives a high damping ratio of 18% for the 
transverse direction. Using this damping ratio in the transverse 
direction and 4% damping in the vertical direction, a time history 
analysis of the bridge system is performed. The calculated and measured 
response time histories along with the corresponding response spectra are 
given in Figs. 3.26 through 3.28. The calculated response in the 
vertical direction agrees very well with the measured response, 
especially up to the point of maximum response. In the transverse 
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direction, however, the measured response is not traced very well. This 
is probably due to nonlinearity in the response arising from complex 
soil-structure interaction. Although the model has the capability to 
represent such phenomena, no attempt was made to do so, since the 
objective was to demonstrate the integrity of the grid model in 
representing the overall behavior of the deck rather than modeling 
boundary effects. The good agreement between the measured and calculated 
response in the vertical direction at different locations of the deck 
demonstrates the adequacy of the model. The response is very realistic 
wi th no spurious modes. 
direction is about 2.5. 
Note that the amplification factor in this 
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CHAPTER 4 
ANALYTICAL MODEL FOR THE COLUMN 
4.1 Introduction 
It is shown in Chapter 2 that large axial forces may be generated in 
the piers of highway bridges as the bridge deck responds to the vertical 
component of earthquake motion. The magnitude of this force and its 
variation may play a significant role in the response of the columns. 
Unlike varying axial forces generated by frame action, those generated 
by vertical response are not proportional to the lateral force. 
Therefore, to study the response of columns under such loading (i. e. , 
non-proportional varying lateral and vertical loads) and to investigate 
the nonlinear behavior of RIC highway bridges subjected to horizontal and 
vertical components of earthquake motion, an analytical model that 
accounts for the effects of variation in axial load on the flexural 
behavior of the columns is required. 
In this chapter, the F.E. model of the column used in this study is 
described. Also, a description of each material model and element used 
in the modeling of the column is given. Different nonlinear solution 
strategies and types of convergence criteria used in the nonlinear 
analyses are explained briefly. Finally, the adequacy of the model is 
shown by comparing the results of several examples with the experimental 
results. 
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4.2 Modeling 
The RIC column must be modeled with following objectives in mind: 
1. The model must be able to represent combined bending and non-
proportional varying axial load. 
2. It must be capable of depicting the extent and type of damage to 
be expected. 
3. It must be economical enough to allow time history analysis. 
With these objectives in mind, the RIC column is modeled using 
inelastic isoparametric plane stress elements to model the concrete and 
elastic-plastic bar elements to model the reinforcing steel (Fig. 4.1). 
This type of modeling, although expensive and time consuming 
computationally, is capable of simulating the complex behavior of RIC 
members under arbitrary loading conditions and histories. The 
versatility is due to the fact that no predefined phenomenological rules 
are involved in dictating the overall hysteretic behavior of any 
cross-section. 
Since practicality is another objective, to make the model 
computationally more effective a uniaxial state of stress is assumed by 
taking the Poisson's ratio, ~, equal to zero. With such an assumption, 
the model becomes similar to the fiber model. The fiber model, which 
assumes a column segment consists of unaxially stressed fibers along its 
long axis, has been used effectively in the analysis of RIC columns under 
complex loadings (Aktan, Pecknold, and Sozen, 1973; Kaba and Mahin, 
1984). Furthermore, due to the fact that modern seismic design codes 
demand more ductile structures, the flexural behavior is of primary 
importance, and such an assumption, which is valid when shear stresses 
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are small, is fairly good when flexural behavior under varying lateral 
and axial load is assessed. 
4.3 Material Models 
For the reasons mentioned before, a simple uniaxial state of stress 
is being assumed in modeling the RIC column. Furthermore, perfect bond 
between concrete and steel is assumed, and the effect of creep and 
shrinkage of concrete, the effect of temperature, and geometric nonlinear 
effects are excluded. The complexity of the material models must be 
consistent with these assumptions. Also, it has been reported by Kaba 
and Mahin (1984), "that the precise details of the concrete stress-strain 
diagram do not greatly affect the overall behavior of a member, 
especially in the case of large cyclic deformations." 
The material models implemented in this study are complex enough to 
reproduce the important nonlinear and strength characteristics of 
concrete and steel, yet simple enough to be practical and consistent 
wi th other assumptions. 
described in more detail. 
4.3.1 Concrete 
In the following sections, these models are 
Although the program used, namely ADINA, has a nonlinear concrete 
model (wi th cracking and crushing), that model was not used for the 
reasons given in Sec tion 4.7. A new material model was added to the 
program through the user-supplied option. 
The model used for the stress - strain relationship of concrete is 
shown in Fig. 4.2. It consists of an envelope curve in compression and 
tension, and a series of rules for cyclic loading. 
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Under compressive stress from zero to maximum compressive stress, 
a
c
' a parabola given by Hognestad (1951) defines the stress-strain 
relations for both confined and unconfined concrete. Beyond this point 
up to the maximum compressive strain, a linear stress-strain relation is 
assumed. The slope of this line, fi', distinguishes between unconfined 
and confined concrete. In this study for most of the examples a perfect 
confinement of the concrete is assumed (i.e., fi'-Q and £ »£). However, 
u c 
for some examples the formulas given by Kent and Park (1971) are used. 
It is assumed that concrete does not take any stress after reaching the 
maximum compressive strain, everi upon unloading and reloading behind this 
point. 
Unloading under compressive stress from any point of the envelope 
curve has slope E until the concrete stress reaches its maximum tensile 
o 
strength (Fig. 4.3). Reloading after recovering of the plastic strain, 
£ , takes place with the same slope until the previous maximum strain is 
p 
reached. From this point on, the envelop curve is followed. 
Under tensile stress a bilinear stress-strain relation is assumed 
for the concrete. From zero to maximum tensile strength of concrete, at' 
the model has a slope of E (Fig. 4.4'). 
o 
At this s tress a crack is 
initiated, and after this point a descending branch is assigned to the 
stress-strain curve. At and beyond strain £0' the concrete is assumed 
unable to take any stress and the crack is fully opened. The value of 
this strain depends on the type of problem and different investigators 
have selected different values. 
For this study, since the reinforcing steel intersects the cracks at 
right angles, a value equal to yield strain of the reinforcement is 
assigned to E: 
o 
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(Barzegar and Schnobrich, 1986). Modeling of post-
cracking in this fashion not only accounts for "tension-stiffening", that 
is the ability of intact concrete between adj acent cracks to carry 
tensile stress, but also contributes significantly to the rate of 
equilibrium convergence. 
Unloading after initiation of a crack follows a slope equal to the 
secant modulus of the concrete at maximum tensile strain reached upon 
loading. Once a crack closes, it is treated like virgin concrete. 
However, if a crack is opened following unloading from compressive stress 
the concrete cannot reload until the strain exceeds the plastic strain, 
E: • p 
The shear stiffness, G, is reduced by a factor of fi if the concrete 
is cracked or if its strain exceeds the maximum compressive strain, £ , 
u 
in any normal direction. If concrete is cracked or has reached ultimate 
strain in both directions or has cracked in one direction and has reached 
maximum compressive strain in the other direction, the shear stiffness is 
t:/. 2G .. ei ther reduced to tJ or zero as an ~nput opt~on. Crack width, among 
other factors, controls the value of the shear retention factor, fie The 
value of ~ is bounded to 1 and zero. However, in this study a constant 
value of 0.5 is assumed. 
4.3.2 Steel 
A bilinear elastic-plastic material model is used for the 
reinforcing steel. The model can include both isotropic and kinematic 
hardening (Fig. 4.5). Unless otherwise stated, in the present study 
kinematic hardening is assumed. This is because among other theories to 
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account for Bauschinger effect, this is more similar to the actual 
behavior of reinforcing steel (Mendelson, 1968). 
4.4 Finite Elements 
4.4.1 Plane Stress Element 
As mentioned before, plane stress elements are used to simulate the 
concrete in modeling the RIC columns. To model the bending effect 
properly, high order plane stress elements are more suitable. The 
element is isoparametric with displacement-based formulation. A complete 
and detailed description of the element formulation and derivation of its 
stiffness matrix is given by Bathe (1982). 
Each element consists of 9-nodes, 2 degrees-of-freedom per node, 
namely u and v displacement (Fig. 4.6). To obtain maximum accuracy, the 
elements used are held rectangular, and the non-corner nodes located 
almost always at the midpoints between the corner nodes. And the ninth 
node is located at the center of the element. Gauss integration is used 
in calculation of all element matrices and vectors. 
integration could be anything between 2x2 and 6x6. 
The order of 
To select the appropriate order of integration, two factors are very 
important. First, to minimize the cost of the analysis, lower order of 
integration is more desirable. However, in materially nonlinear analysis 
higher order integration is more effective at capturing the onset and 
spread of the yielding. High order integration will also prevent the 
development of spurious kinematic modes in the solution. Such mechanisms 
are associated with this type of element when they are under-integrated. 
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Therefore, 4x4 Gauss integration is implemented for the plane stress 
elements, and lower order integration is used for some examples to check 
on the possibility of mesh locking, although it is highly unlikely to 
happen. 
4.4.2 Bar Element 
Steel reinforcement of the RIC columns is modeled with bar (truss) 
elements. High order 3 -node truss elements are used to have better 
compatibility between these and plane stress elements. The formulation 
of this element is given in detail in Sections 5.3.1 and 6.3.1 in Bathe 
(1982). Figure 4.6 shows the element used. There is only one degree-of-
freedom at each node. That is, the only force transmitted by this 
element is the longitudinal force, which represents the force carried by 
the reinforcing steel. 
this element. 
Gauss integration of order 4 is also used for 
4.5 Computational Algorithms 
In analyzing the structural response employing the finite element 
method, the equilibrium equations are of the form 
[K]{D} {R} (4.1) 
where [K] is the structural stiffness matrix, {D} is the unknown nodal 
displacement vector, and {R} is the vector of applied load. It is not 
the purpose of this section to give a detailed explanation of how these 
equations are solved. Approaches to the solution of these equations are 
well established and are explained extensively in finite element related 
publications. For example, Zienkiewicz (1977), Bathe (1982), and Cook 
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(1974) can be cited. Since the material behavior is nonlinear, the 
internal forces depend nonlinearly on the nodal point displacements and 
hence, an iterative method should be employed in the solution of the set 
of equations in (4.1). It is the purpose of this section to explain 
those methods and the convergence criteria used in the solution of these 
equations. 
4.5.1 Iteration Methods 
In an equilibrium configuration, the sum of internal loads must be 
equal to that of the externally applied loads. If the sum of external 
and internal forces is {LlR}, rather than zero, equilibrium does not 
prevail, and this is most likely the case in nonlinear analysis of 
structures. As an iteration, these imbalanced forces are applied back to 
the structure, and the corresponding incremental nodal displacements {~D} 
are determined. This procedure is continued until the residual forces 
{DR} or the incremental nodal displacements {nD} satisfy certain 
predefined tolerances. 
Due to the nonlinearity of the problem, the stiffness matrix [K] 
depends on nodal displacements {D}. The nature of this matrix, while 
applying the residual forces, is that which distinguishes different 
iteration methods. If the stiffness matrix that corresponds to zero 
nodal displacement is used, the method is called the initial stress 
method. This method may result in a very slow or even divergent 
solution. 
However, if the stiffness matrix used in the solution of incremental 
equilibrium equations is formed considering the current state of nodal 
displacements and it is done for each iteration, the algorithm is called 
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the full Newton-Raphson iteration method. It is well recognized that 
calculation and factorization of this tangent stiffness matrix for each 
iteration results in significant computational cost. This will make the 
nonlinear analysis of large systems impractical. Therefore, it 
necessitates the need for more effective methods with regard to solution 
convergence and cost. 
Modified Newton-Raphson iteration and quasi-Newton methods are among 
those schemes that are somewhat in-between the full Newton-Raphson 
iteration and the initial stress method. These are most widely used in 
the solution of the problems in this study. 
If rather than updating the stiffness matrix at each step in the 
full Newton method it is updated every other several steps, the method 
becomes what is called the modified Newton-Raphson method. This method 
is also called constant stiffness iteration and, compared with full 
Newton-Raphson iteration, requires more cycles, but each is done more 
quickly because the stiffness matrix is not formed and reduced in each 
iteration. Still. there is possibility that this method might diverge or 
converge slowly. This is especially true in the case of hardening 
structures like membranes, or when there is significant change in the 
state of the material in materially nonlinear analysis and the stiffness 
matrix is not updated afterward. 
If instead of updating the stiffness matrix in each iteration 
directly, its inverse is updated by making corrections to the coefficient 
matrix of the previous iteration, significant reduction in the 
computational cost can be made. To do so, going from iteration (i-I) to 
i, the updated stiffness matrix [K]. should satisfy the equation: 
l 
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[K]. {~D}. 
~ ~ 
{~} . 
~ 
(4.2) 
This is the quasi-Newton eguation and this name is attributed to this 
class of iteration methods. {~D}. and {~}. are the incremental nodal 
~ ~ 
displacements and out-of-balance loads, respectively, both of which are 
unknown. Procedures employed to evaluate these unknowns and methods that 
implicitly calculate the inverse of [K]. are what distinguishes 
~ 
different quasi-Newton methods. Among these methods the BFGS (Brayden-
Fletcher-Goldfarb-Shanno) method is implemented in the program used for 
this study (ADINA), and it is· presented in detail in Section 8.6.2 in 
Bathe (1982). 
As mentioned before, this method and the modified Newton-Raphson are 
most commonly used in the solution of the example problems presented 
here. The equilibrium iteration is performed in all steps. This is due 
to the fact that nonlinear dynamic response is highly path-dependent, and 
the error admitted in a particular step affects the solution at any 
subsequent step direc tly . The same was done for static analyses of 
single columns. Also, for these problems the stiffness matrix is updated 
in all steps, but for dynamic analyses of the whole bridge, it is updated 
only every other several steps. There are two reasons associated with 
this. First, al though the column plays a significant role in the 
integrity of the system, due to the presence of the stiff deck, any 
change in the stiffness of the column does not change the overall 
stiffness of the structure significantly. Secondly, in dynamic analysis 
the mass matrix contributes to the coefficient matrix, especially when 
the time step is very small, therefore, even without updating the 
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stiffness matrix, the rate of convergence is much faster than static 
analysis. 
4.5.2 Convergence Criteria 
When a set of nonlinear equations are solved employing incremental 
iterative methods, there is always need for criteria that limits the 
number of iterations. Such criteria will signal either the end of the 
solution for that increment within preset tolerances or the divergence of 
the solution. What quantities to be checked and against what tolerances 
are the important factors in setting a convergence criteria for solving 
nonlinear problems. 
Probably the most logical quantity to check would be nodal joint 
displacements, since the overall objective is finding their values 
corresponding to a certain load increment. For example, if at the end of 
each iteration the incremental displacement {.6D}. is wi thin a certain 
~ 
tolerance of the total displacement {D}., the solution has converged and 
~ 
it can move to the next increment. However, the nodal displacement {D}. 
~ 
is not known and must be approximated. A good approximation would be 
{D}. l' i.e., the last calculated nodal displacement vector. 
~-
Due to the 
fact that for some problems the real solution is still far from the 
previous value obtained, this criteria may cause difficulty in the 
solution process. 
Another measure would be to check the out-of-balance load against 
the original load increment to determine if it is within a certain preset 
tolerance. There are problems wi th this type of criteria, too. They 
might arise when a small change in the loads will result in significant 
, ...,. 
..... u. the nodal An would be the case where 
44 
for a small increase in the load in an elastic-plastic system yields, and 
enters the plastic region. 
A third convergence criterion would be to check the amount of work 
done by the out -of -balance loads on the displacements increment. This 
can be compared to the initial internal energy increment with a preset 
energy tolerance. This criteria (i. e., internal energy check) will 
provide some indication of when both displacements and the forces are 
near their equilibrium values. 
For most of the problems, the displacement convergence criterion is 
employed; but in some instances, the force criterion is used. However, 
the energy convergence criterion always accompanies the one used. Since 
it is easier to satisfy the energy convergence criterion, the tolerance 
on this criterion is always one to three order of magnitude tighter than 
the tolerance on displacement or force criterion. 
4.5.3 Tolerances 
In addition to the type of criterion employed, setting the 
tolerances is an important factor in checking the convergence of any 
iteration in nonlinear analyses. Loose tolerances will result in 
inaccurate solutions. On the other hand, tight tolerances will increase 
the number of iterations, which in turn, makes the analysis expensive 
computationally in exchange for needless accuracy. It may also signal 
divergence of the solution while it is indeed converging. 
In Table 4.1, the range of tolerances used in static as well as 
dynamic analyses are given. Although it is difficult to judge the 
adequacy of these values without prior knowledge of the problems and 
machine used, it can be said surely that these numbers are on the 
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conservative side. Tighter tolerances were used for two reasons: 1) to 
minimize the effect of solution inaccuracy, due to the lack of 
experimental data on the types of problems analyzed; and 2) most of the 
analyses on large structures are dynamic and for the reason stated before 
(i. e., contribution of mass matrix to the coefficient matrix), the 
convergence is much faster, and this can compensate somewhat for the cost 
increase. 
4.6 Numerical Examples 
The adequacy of the model to trace the experimental results to an 
acceptable degree is shown in this section. This is done by comparing 
the experimental load-deformation behavior of a simply supported beam 
with that obtained analytically using this model. The cyclic behavior 
of a member simulated with this model is also checked against the 
experimental results. The strength and hysteretic behavior are important 
parameters in assessing aseismic capacity of structures, and therefore, 
the model must be able to simulate them adequately. 
sections, two examples are presented with this regard. 
4.6.1 Burns and Siess 
In the following 
The ability of the model in predicting the ultimate load and yield 
displacement is demonstrated by comparison with the beam tested by Burns 
and Siess (1962). This is a simply supported beam loaded at the center 
with a concentrated load, Beam J-4 (Fig. 4.7). The analytical model with 
the material properties used is shown in Fig. 4.8. Due to the symmetry 
of both the structure and loading, only one-half of the beam is analyzed. 
To accommodate the finite element representation, the right-hand support 
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is two inches below the center-line in the analytical model. Eight plane 
stress elements are used to represent the concrete, and the reinforcing 
steel is modeled by placing truss elements at the two bottom rows of 
nodes. These are located such that their centroid coincides with the 
location of the single row of reinforcement in the experimental specimen. 
The load-deflection curve for the analysis along with the 
experimental result are plotted in Fig. 4.9. Comparison of these curves 
reveals the ability of the model to predict the ultimate load as well as 
the yield displacement. No attempt is being made to show the extent of 
damage, because of the fact that some of the material properties such as 
and £ are assumed, and they playa major role in the amount of 
u 
damage. 
4.6.2 Gilbertsen and Moehle - Column 
A series of tests were performed by Gilbertsen and Moehle (1980) to 
investigate experimentally the inelastic response of small-scale RIC 
column specimens. One of those specimens (4B) is considered here to 
evaluate the capability of the model under cyclic lateral load with 
constant axial force. A detailed description of the test setup and test 
procedures is given by Gilbertsen and Moehle (1980). The column with its 
physical properties and the finite element model with material 
properties are shown in Figs. 4.10 and 4.11. 
Due to computational time constraints, the load pattern for the 
analytical calculations is not the same as that for the experimental 
test. The differences are the number of cycles at each displacement 
level and the omitting of a cycle of smaller displacement between two 
larger ones. Nevertheless, due to the stability of the hysteresis loops 
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in the experiment (Fig. 4.13) (this can be attributed to good design 
especially with regard to lateral reinforcement) they can be compared 
with no loss in generality. Figure 4.14 shows the calculated hysteresis 
relationships of lateral load versus the tip displacement. Comparison of 
the experimental and calculated hysteresis loops shows that the model is 
quite good for predicting cyclic load behavior. Again, prediction of 
ultimate load is very close to that of experiment. The overall 
hysteresis loop is fairly similar to the experimental one except for the 
sharp edges upon unloading. This is most likely due to the bond slip 
that is not modeled analytically. Another factor to keep in mind when 
comparing experimental and analytical results of RIC members is the 
variation in ultimate stress and ultimate strain of confined concrete. 
These properties depend significantly on the amount of lateral 
reinforcement and on workmanship. Therefore, proper representation of 
the column behavior affected by these properties, like strength decay, 
damage extent, etc., sometimes requires several tries of the analytical 
model. 
4.7 ADINA's Concrete Model 
There is a three-dimensional concrete model available in ADINA. 
Its detailed description is given by Bathe and Ramaswamy (1979). The 
model was used during the initial stages of this work. However, detailed 
study of those results showed stress-strain states that were totally in 
violation with the material properties assumed. In the following 
paragraphs some of the problems associated with the model are described. 
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Figure 4.15 shows a 4-node plane stress element that is constrained 
properly and forms a simple structure. Also, its physical properties, 
along with those parameters that define the material model, are given. 
The properties of the model are exactly those of Example B .19 in the 
system verification manual (1983). Before going into the examples, once 
again it must be mentioned that similar tests have been performed by the 
developer and, unlike these tests, satisfactory results are reported 
(Bathe and Ramaswamy, 1979). So, it is anticipated that the problems 
discussed here are due to human errors in implementing the model into the 
main program. 
In the first problem, a load of lOOk is applied to the structure. 
This will generate stresses equal to 10 ksi that exceed the maximum 
compressive stress of 3.74 ksi (Fig. 4.16). The model does not detect 
this, and the solution is completed with no difficulty. The result shows 
principal stress of 10 ksi, although the failure stress is 3.74 ksi. 
This is due to the fact that E is used in the calculation of the 
o 
stresses, and no correction is being made to satisfy the stress-strain 
relation. 
Unloading, as stated in the description of the model (Fig. 4.17), 
should take place with the initial Young's Modulus, E . 
o 
However, as 
shown by Example 2, Fig. 4.17, this is not the case for the first step of 
unloading. In this example, a force of 30k is applied to the structure 
in four steps with the first step being small enough so that the error 
due to using E for the first step is not significant. Then in step 5, 
o 
the loading is reversed to 20k. Displacement/strain at this step, due to 
plastic deformation, must not be the same as that upon loading with the 
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applied load equal to 20k. But as shown in Fig. 4.17, upon loading and 
unloading, that is at steps 3 and 5, the state of stress and strain is 
the same, which is wrong. Further unloading takes place with the slope 
of E . 
o 
However, upon reloading from 10k to lOOk, the same problem 
discussed in Example 1 is observed. That is, the model allows stresses 
that are much larger than the maximum compressive stress, a
c
' of 
3.74 ksi. 
In Examples 1 and 2, upon loading and reloading, a force of lOOk is 
applied to signify the problems associated with the model. However, in 
Example 3 (Fig. 4.18), it is shown that, as expected, even for small 
increments of load the same problems are observed. For example, upon 
reloading from 20k back to 30k (i. e., steps 4, 5, and 6), the strain, 
and therefore displacement is not the same. State of stress and strain 
for steps 4 and 6 must be the same. However, this is not the case here 
which demonstrates the inability of the model to follow the original 
envelope curve upon reloading. 
The same type of problems are encountered when displacement 
controlled loading is applied as shown by Example 4 (Fig. 4.19). For 
the first increment of displacement of 0.001 in. that corresponds to 
strain of 0.0001 in. jin. , stresses equal to O.OOOl*E = 0.61 ksi are 
o 
calculated which are not correct. Also, problems explained before are 
observed here as the displacement is reversed from 0.015 in. to 
0.005 in. and then increased to 0.025 in (i.e., steps 4-7). From this 
point on, no matter what is the state of displacement the stresses stay 
the same (steps 7-9). 
50 
It must be remembered that since normally this type of model is used 
along with an elasto-plastic model for the reinforcing steel to simulate 
RIC members, yielding of the reinforcement will result in redistribution 
of stresses to the concrete. Sometimes the level of these stresses is 
very high, and if the concrete model is not behaving properly, 
convergence difficulty and eventually incorrect results are the direct 
consequences. 
It must be added that even if this concrete model was incorporated 
correctly into the program, it still might not be a good model for cyclic 
loadings with strains exceeding c. 
c 
This is because unloading and 
reloading is not modeled after crushing, (i.e., in the softening region 
beyond the maximum compressive strain, c. ). 
c 
Furthermore, the uniaxial 
stress-strain relation shown in Fig. 4.20 and defined by the following 
equation: 
where 
a 
a 
c 
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is not a good representation of confined concrete. 
(4.3) 
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CHAPTER 5 
EFFECT OF VARYING AXIAL FORCE ON THE INELASTIC 
RESPONSE OF RIC COLUMNS 
5.1 Introduction 
It is well known that axial force has a significant effect on 
inelastic behavior of reinforced concrete columns. Flexural strength, 
stiffness, ductility, and energy dissipation capacity of a column are all 
affected by the presence of axial force. In most of the previous 
experimental and analytical work only constant axial force has been 
considered. Studies by Gilbertsen and Moehle (1980), and Abrams (1987) 
are among those relatively few experimental studies which considered the 
variation in axial force. Keshavarzian and Schnobrich (1984) also 
pointed out the importance of fluctuating axial force on the response of 
coupled shear walls as well as frame structures. However, in these 
studies the axial force was varied proportional to the moment or the 
lateral force. Furthermore, the level of the axial force was small 
compared to the balance load for the section. 
In this chapter, the inelastic behavior of RIC columns with and 
without axial load is reviewed. Also, the effect of proportionally 
varying axial load is discussed. However, the main purpose of this 
chapter is to investigate the effect of non-proportionally varying axial 
load of high intensity. Furthermore; for the same level of axial force, 
the effect of phasing with respect to the lateral load is investigated. 
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5.2 Constant Axial Force 
Constant axial force influences the stiffness, flexural strength, 
and ducti~ity of a column. Therefore, a unique moment-curvature 
relationship cannot be constructed. But, it is possible to plot the 
combination of axial load P and bending moment M corresponding to the 
ultimate capacity. In Fig. 5.1 one of these curves, known as interaction 
diagram, for a typical reinforced concrete section is plotted. Both 
confined and unconfined concrete is considered by changing the useful 
limit of concrete strain. Curves marked as ultimate indicate all the 
combinations of P and M corresponding to reaching the useful limit of 
concrete strain. The other curve represents those combinations of P and 
M that yield the tension reinforcement first. That combination of P and 
M, which resul ts in yielding of reinforcement and reaching the useful 
limit of concrete strain simultaneously, is known as the "balance 
point." The yie ld curve for an unconfined section does not continue 
above this point since the concrete reaches the limit strain before 
yielding of the reinforcement. For confined concrete, it depends on the 
definition for the useful limit of concrete strain, and therefore, is not 
plotted here. 
These curves show the importance of axial load on ultimate capacity 
of a cross-section. It indicates that up to a certain point, namely, the 
balance point, the flexural capacity increases as the axial load is 
increased. However, beyond this point the strength of the section 
decreases with increase in axial load. Such nonlinear relationships 
make the analytical modeling of RIC columns under varying lateral and 
axial load difficult. 
54 
In Fig. 5.2, the effect of axial force on the curvature ductility, 
~ /~ , of the section is shown for both unconfined and confined concrete. y u 
Ductility decreases as the axial force is increased. Note that for any 
level of axial load the ductility of the section can be increased 
significantly by confining the concrete. Also, the effect of axial force 
on ductility is more pronounced for the confined section. 
To show the effects of constant axial load on the stiffness and 
hysteresis loops of columns, the section shown in Fig. 5.3 is used. 
Similar to bridge columns, it is assumed that the reinforcement is 
distributed throughout the depth of the column. The material properties 
for both concrete and the reinforcing steel are also given. Unless 
stated otherwise, for all of the examples in this chapter, the column is 
assumed fixed at the base with a height equal to 30 ft. 
Figure 5.4 shows moment-curvature for different levels of axial 
force, P. For each case, the load P is applied first, and then it is 
held constant as the column is displaced laterally. As the axial force 
increases, the column gets stiffer. Also, as discussed before, since the 
axial forces are smaller than the balance load, Pb , flexural strength 
increases as P is increased. 
The influence of constant axial force on cyclic behavior of columns 
is examined by applying one cycle of lateral displacement variation. The 
hysteresis loops for three different levels of axial force are shown in 
Figs. 5.5-5.7. The presence of axial force, if compressive, will result 
in pinching of the hysteresis loops. This will reduce the energy 
dissipation capacity of the section compared to elasto-plastic behavior. 
This is an important factor in seismic design. Another observation that 
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can be made from these plots is the variation in flexural strength of the 
section upon reloading in the original loading direction. Depending on 
the level and direction of the axial load, for a given displacement, the 
strength might increase or decrease. For example, at displacement equal 
to 7 in., upon reloading the strength increases for axial force, P =-
2000k, while it decreases with zero axial force and stays the same when 
axial force P = 4000k. It must be mentioned that for perfectly confined 
concrete at ultimate this will not be the case, and all loops will 
approach the ultimate flexural capacity for that level of axial load. 
However, for unconfined or not perfectly confined concrete, the ultimate 
strength will decay upon cyclic loading into the inelastic range. And 
higher axial load will accelerate the loss in strength. This is due to 
the fact that reduction in strength is due to spalling or decrease in 
strength of the compression concrete and axial load accelerates this 
phenomena. 
5.3 Proportionally Varying Axial Load 
In frame structures, axial forces in columns will change as the 
structure sways when subjected to lateral load. Depending on the type of 
mechanism that develops, axial force variation is either proportional to 
lateral shear or to lateral displacement. The P-M interaction diagram 
for one of the specimens tested by Gilbertsen and Moehle (1980) under 
changing axial force that varies in direct proportion with lateral shear 
is shown in Fig. 5.8. Column elevation and section properties along 
with displacement patterns were given in Figs. 4.10 and 4.12. As it was 
stated before, the level of axial force is very small. The maximum 
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compressive axial load is about one-third of the balanced load, Pb .'. and 
the maximum tensile axial load is almost zero. Hysteresis relationships 
between applied lateral load and lateral displacement are plotted in 
Fig. 5.9. Variation in axial force influences the symmetry of each loop. 
As expected, strength is higher for those half cycles corresponding to 
higher axial load. 
load. 
Also, curves are pinched in regions of high axial 
The loading pattern shown in Fig. 5.10 was used to analyze the 
column of Fig. 5.3. Here, axial force is varied in direct proportion 
wi th lateral displacement. The level of bounding values of the axial 
load is shown in Fig. 5.11 on the P-M interaction diagram for the column. 
In this case also an increase in flexural strength and pinching of the 
hysteresis loops in regions of high axial force are observed (Fig. 5.12). 
However, unlike shear proportional variation, the column demonstrated 
softening behavior in tensile regions and hardening in compressive zones. 
This is because in shear proportional loading as the reinforcements 
yield, depending on the hardening percentage, there is little or zero 
change in shear capacity. Consequently, axial force variation is very 
small or zero. and the loading slope approaches zero in both regions 
(Fig. 5.9). But for displacement proportional loading, even when 
reinforcements yield, there is variation in axial force since 
displacement is changing. And in compressive regions, variation in axial 
force corresponds to higher compressive force that, in turn, increases 
the stiffness of the column. But in tensile zones, this is reversed and 
as the tensile axial force increases, column stiffness decreases. These 
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changes in stiffness compare to zero mean hardening and softening of the 
column in compression and tensile regions, respectively. 
As it can be observed from these examples, varying axial force can 
influence strength, stiffness, and energy dissipation capacity of a 
reinforced concrete column. However, it is usually assumed that, due to 
compensating nature of forces, these effects are not important when the 
overall behavior of reinforced concrete structures are being 
investigated. 
Consider the frame shown in Fig. 5.13 subjected to lateral force, H. 
When the direction of this force is to the right, axial force in 
Column #1 decreases while that of Column #2 increases. The rates of 
change are equal for both columns since axial forces are directly related 
to lateral force. For this reason, strength reduction in Column #1 due 
to decreasing axial force is compensated for by the increase in strength 
of Column #2. So on the average, they can provide the required strength. 
As H is reversed, their role changes and Column #1 compensates for 
Column #2. Of course, only for those levels of axial force lower than 
the balance load, Pb , can such statements be made. Such arguments can 
also be made about energy dissipation capacity of the frame (Fig. 5.14). 
In this figure hysteresis loops for varying axial load, along with that 
corresponding to a constant axial load that is the average of extreme 
values of varying case are plotted. Although for the first half-cycle of 
loading energy dissipation capacity is larger for varying axial load 
compared to cons tant axial load, for the other half it is smaller. 
Therefore, one might say on the average they are the same. For 
reasons, variation of axial load is not considered in the design of frame 
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structures. It must be added that the complexity and additional cost 
involved in considering this variation in the design and analysis of 
buildings makes such justification acceptable. 
It is not known if such reasoning is still valid when the level of 
axial load is high or when axial force variation is independent of 
lateral shear or displacement. Furthermore, what happens when axial 
load is varied between high compressive axial force and high tensile 
force? What are the effects of phasing of axial force on hysteresis 
relationships? What are the effects of rapid change in axial load? Such 
loading histories might prevail in corner columns of RIC structures under 
biaxial lateral load during an earthquake. Furthermore, as it is shown 
in this study, the vertical component of an earthquake can bring about 
such loading patterns in bridges. Therefore, although complicated and 
computationally expensive, such questions must be answered by means of 
analytical studies and experimental tests on RIC columns. Assessment of 
the effects of non-proportional axial load on reinforced concrete columns 
might reveal facts about damage and failure of modern structures during 
past earthquakes and provide a better understanding of response of RIC 
structures to earthquake motions. 
In the next section the results of perhaps the first study of the 
analytical response of RIC columns under non-proportionally varying axial 
loads are given. 
5.4 Non-Proportionally Varying Axial Load 
It was shown that variation in axial load can cause softening (i.e., 
a region where displacement increases upon reduction in load) of a 
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column. In a force-controlled analysis, this region of load-
displacement cannot be reached. Therefore, to be able to perform such 
analyses, a linear spring is added to the column to constitute a system 
that can be investigated under such loading conditions (Fig. 5.15). Note 
that this system is very similar to a bridge with single-column bent and 
linear deck. Dimensions and material properties of the column are those 
of previous analytical examples. The stiffness of the spring is 
arbitrarily chosen to be almost equal to the secant stiffness of the 
column at a displacement equal to 7 in. with no axial load. 
In the first example, non-proportional varying lateral and axial 
forces are applied to the system. One cycle of lateral shear is applied. 
However, since the frequency of axial force variation is twice of that 
for the shear force, two cycles of axial force are being applied 
(Fig. 5.16). Bounding values of axial force are shown on the interaction 
diagram for the column (Fig. 5.11). Maximum compressive axial load is 
fairly close to the balance load, and maximum tensile axial force is 
higher than the cracking load. The cracking load is that level of axial 
force that causes the whole column cross-section to crack. 
Hysteresis loops for column shear and total lateral force versus tip 
displacement (Figs. 5.17 and 5.18) indicate interesting behavior that is 
totally different than what is normally observed in RIC columns under 
constant axial force. As a matter of comparison, the same problem is 
solved with zero and constant axial force, and hysteresis relationships 
are plotted in Figs. 5.19-5.24. Note that in the case of constant axial 
force, its value is equal to the average of the extreme values of the 
varying case. 
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Shear-displacement hysteresis loops for the non-proportional case 
show almost zero energy dissipation capacity. The shear-displacement 
curve for the column (Fig. 5.17) indicates that as the axial force 
decreases the column softens and releases shear. This force, along with 
additional increments of applied force, will be carried by the linear 
spring. As the axial force is reversed and increases, the column gets 
stiffer and takes most of the remaining applied shear with little 
increase in the displacement of the system. Upon unloading of the 
lateral force, it appears from the v-~ loop that the system is 
generating, rather than dissipating, energy! After crossing the loading 
branch, unloading takes place with such severe pinching that the enclosed 
area between the two curves (i.e., loading and unloading curves) is very 
small. Actually, considering the upper part (negative dissipation) from 
these curves, it can be said that energy dissipation capacity is zero. 
Note that, due to the fact that frequency of variation in axial force is 
exactly twice of that for lateral shear, hysteresis loops are symmetric 
with respect to the origin. 
Other interesting plots to consider are the histories of lateral 
force in the sys tern and in each member (Fig. 5.25). This figure shows 
how the contribution of each component to the system's total load 
carrying capacity fluctuates during any load increment as a result of 
variation in axial force. As mentioned before, there are moments where 
the column takes most of the applied force and moments where the column 
not only does not take any shear, but also releases some of its shear. 
The linear spring takes this in addition to the applied shear increment. 
Again, the same pattern continues upon further loading and unloading of 
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the system. There are times when applied force is reduced but the 
column shear increases. Therefore, the linear spring releases its force 
with a higher rate than other increments of unloading. This corresponds 
to the sharp pinching of the hysteresis loops. 
So, from this very first example, it appears that non-proportional 
variation in axial force can significantly affect the inelastic response 
of RIC columns. It must be mentioned that in this example the level of 
axial force is always lower than the balance load, Pb . That is, the 
complexity observed in the response of the column in this example is not 
due to the level of axial force, but rather due to the nature of its 
variation with respect to the lateral shear. Of course, this statement 
does not imply unimportance of the level of applied axial force. The 
following examples will elaborate on the importance of the nature of 
variation (or phasing) in more detail. 
In the next three examples (Examples #2-#4), the same column is 
analyzed using displacement controlled loading. For all three examples, 
the frequency of axial load variation is twice of that for lateral shear. 
Also the level (i.e., bounding values) of axial force is the same for all 
three examples and is equal to that for the proportionally varying axial 
load example. Since these bounding values were used when the effect of 
constant axial force was discussed (Section 5.2), better comparisons can 
be made among all the examples solved. 
Applied displacement and axial force for all three examples are 
shown in Fig. 5.26. The only difference between each case is in the 
phasing of the applied axial force. Hysteresis loops for all three 
examples are given in Figs. 5.27-5.29. Although in all cases the level 
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of applied axial force and displacement were the same, each one of them 
demonstrates a unique behavior. All examples demonstrate all, or a 
combination, of the following behavioral characteristics: very low 
energy dissipation capacity considering only lateral shear vs. lateral 
displacement hysteresis loops, unstable hysteresis loops, stiffness and 
strength fluctuation, and severe pinching of the hysteresis loops at 
different locations of the loop. Compare these figures and Fig. 5.17 to 
those for constant or proportionally varying axial load (i.e., Figs. 5.5-
5.7 and 5.12). 
To elaborate even further on the effects of non-proportional varying 
axial load, consider the column-spring of Fig. 5.15 to be subjected to 
lateral shear and hypothetical axial force variation shown in Fig. 5.30. 
It is assumed that as the axial load reaches its maximum value, it does 
not reverse with the same slope. Indeed, such conditions may not be very 
unrealistic. For example, it is not known exactly how axial forces 
unload in columns of a frame that has developed hinges. Column shear 
versus displacement plot indicates a region of "negative energy" 
dissipation, BCD (Fig. 5.31). That is to say that the column is putting 
energy back into the system. In spite of significant yielding of the 
reinforcement and crushing and cracking of the concrete, it shows that 
almost zero energy is dissipated for such a half-cycle of loading. The 
same kind of behavior was observed in Example #1 of this section as was 
mentioned before. 
To explain such behavior, consider the moment-curvature curves for a 
typical column (Fig. 5.4). 
middle curve ( i . e., P=P 2) . 
Assume that the column is loaded on the 
However, upon unloading of the shear (or 
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moment) the axial force is increased to P3' What would be the slope of 
unloading? Certainly the unloading will not be similar to a case with 
constant axial load. Actually, there is not a unique unloading slope for 
problems under such loadings; and depending on the type of problem, the 
slope might even be upward. 
Figures 5.32 and 5.33 illustrate how a column attracts and releases 
shear while the total applied lateral force remains constant. In the 
first case, after attaining a certain level of lateral force and axial 
load, the lateral force is being held constant while the axial force is 
increasing. As a result of this, the column attracts some of the force 
in the linear spring. Therefore, the spring unloads from point A back to 
point B. (Since the spring is linear, unloading is not quite feasible on 
the plot.) And column shear increases from C to D. Note that meanwhile, 
the total lateral force is constant (EF). In the next problem, after 
reaching the desired level of lateral and axial force, the axial force is 
decreased while the lateral force is kept constant. In this case, the 
column softens and releases shear (CD) and the linear spring picks it up 
(AB). Again, the total applied shear is held constant throughout. 
In the last two examples, fluctuation in the loads carried by the 
column and the spring is accompanied by changes in the displacement of 
the system. That is, in spite of no change in the applied horizontal 
force to the system, its horizontal displacement increases or decreases. 
The amount of variation in displacement depends on the detailing of the 
column and the stiffness of the linear spring. For example an unconfined 
column is much more path dependent than a well confined column. This is 
why hysteresis loops under non-proportionally varying axial load do not 
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follow a certain pattern. Each phasing of this varying force results in 
different hysteresis relationships. 
Finally, in the last two examples, the same column is analyzed 
separately to discuss the nature of the so called "negative energy" 
regions observed in Fig. 5.17 and 5.31. For both examples, a net tensile 
axial force is applied. This force is equal to the lower bound of axial 
force in previous examples (Fig. 5.11). Lateral shear is then applied up 
to a certain level to cause enough plastic deformation. From this point 
on, for the first example, both axial force and lateral shear are brought 
back to zero simultaneously. However, for the second example, shear is 
held constant while axial force is increased to a level equal to the 
upper bound of previous examples. From this point, the shear is reduced 
back to zero while P is held constant. Finally, the axial force is also 
reduced to zero. 
Shown in Figs. 5.34 and 5.35 are the load-deformation curves for 
these two cases. Looking at these plots: will two structures consisting 
of members with these two different load-deformation relationships behave 
the same under a given earthquake? The size of the elements and their 
constituent materials are exactly the same for both structures. 
Certainly considering only these plots, they will not respond in the 
same manner to the same amount of input energy. 
It is instructive to investigate the column axial force/axial 
displacement re lationships for both examples (Figs. 5.36 and 5.37). It 
is obvious that hysteresis loops for these parameters do not enclose the 
same amount of area. Could it be said that the so called "negative 
energy" or energy inputted into the system by the column observed in the 
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shear-deformation loop is dissipated via axial hysteresis energy? What 
are the effects of this on the response of RIC structures to seismic 
loads? Certainly under such conditions, merely the lateral shear versus 
lateral displacement relationships cannot be used in assessing the 
aseismic capacity of structures; and there are other parameters that 
must be considered in analysis as well as design of structures under 
earthquake motions. 
5.5 Concluding Remarks 
In this chapter, it is shown that varying axial load plays an 
important role in the inelastic behavior of RIC members. Results show a 
major difference in behavior compared to a case of constant or 
proportionally varying axial load. Also, unlike these cases, the 
response does not follow a unigue pattern for non-proportional loadings. 
Therefore, there is need for further experimental and analytical studies. 
Those problems addressed in this chapter must be verified experimentally, 
and further parameters ought to be considered. For example, in this work 
it was assumed that concrete is perfectly confined. However, as shown in 
the examples presented in this chapter, the nature of variation in the 
axial force (or phasing) has a significant effect on inelastic response. 
That is why there is not a unique pattern in behavior under such loading. 
This means the problem becomes highly path dependent, and certainly the 
degree of confinement is a very important parameter under such 
circumstances. In addition, for simplicity in modeling, bond slip is not 
considered. This can be an important factor under variation between 
tensile and compressive axial load. Furthermore, the effect of an axial 
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load greater than the balance load, Pb , should be investigated. It will 
be interesting to see what happens when the axial force is varied in the 
range shown in Fig. 5.38 and its variation is not proportional to the 
shear or displacement. In such a case, buckling of the reinforcing 
steel might be important, especially for a column that is not properly 
confined. Therefore, further experimental and analytical research is 
needed to fully assess the effects of non-proportional variation in axial 
load on the inelastic behavior of RIC columns. 
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CHAPTER 6 
NUMERICAL EXAMPLES OF BRIDGE MODELS 
6.1 Introduction 
In Chapter 2, it was demonstrated that a bridge pier might possibly 
be damaged or caused to fail if the bridge is sUbjected to both vertical 
and horizontal ground motion. The model used in that chapter was linear. 
Therefore, it was only speculated as to what the possible modes and 
patterns of damage might be. In this chapter, however, the nonlinear 
behavior of real and hypothetical bridges will be studied. To do so, the 
models developed for the deck and the column in the previous chapters are 
employed. 
Using this nonlinear model, the San Fernando Overhead Bridge is 
analyzed for both vertical and transverse motion. Furthermore, seismic 
performance of several other bridges whose designs were based on current 
seismic codes will be investigated. These include 2-span, single-column 
and double-column bridges. The effect of heavier and stiffer decks as 
well as different boundary conditions will also be considered. 
Artificial earthquakes that produce smooth response spectra and real 
earthquakes are used in the analysis. 
As shown in Chapter 5, axial force has significant effect on 
nonlinear response of RIC piers. Therefore, the nonlinear behavior of 
this component of a bridge is of the primary interest in this study. 
This includes hysteretic performance as well as the extent of damage. 
However, forces exerted on other components will be also compared to the 
design forces and the relative effect of vertical motion on those 
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components will be assessed. The implication of these assessments on.the 
provisions in current design codes will be discussed. Where necessary, 
recommendations will be made with regard to possible changes in design 
codes, so that the vertical motion is accounted for in the future design 
of highway bridges under seismic loads. 
Before proceeding to the analyses of bridges, a few remarks on the 
finite element modeling of the column-deck connection and the need for 
the artificial accelerogram are presented in the following sections. 
6.2 Column-Deck Connection 
The grid model that was developed and discussed in Chapter 3 (Fig. 
3.11) is used along with the model for the column presented in Chapter 4 
(Fig. 4. 1) to perform nonlinear analysis of RIC bridges under multi-
dimensional ground motion. The column(s) is(are) connected to the rigid 
beam at the center of the deck. In Fig. 6.1, a typical column-deck 
connection is shown. (Note that the actual number of elements used in 
modeling the column is not shown in this figure.) 
As shown in Fig. 6.1, the plane stress and truss elements 
representing concrete and steel are connected to the beam elements 
representing the rigid diaphragm. It was mentioned before that the plane 
stress and truss elements do not have rotational degrees-of-freedom. 
Therefore, connecting such elements to the beam elements which do have 
rotational DOF will result in incompatibility of the mesh. However, in 
the following paragraphs it will be shown that this problem does not 
cause any difficulty within the scope of this study and is not important. 
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First, it is good to determine under what circumstances the mesh 
incompatibility will become important. Shown in Fig. 6.2 is a deformed 
configuration of a connection where incompatibility of the mesh will have 
great effect. Loading (at least hypothetically) is such that it only 
causes nodal rotations. Therefore, the membrane elements which do not 
have a rotational DOF will not contribute to the stiffness of the 
connection in resisting this loading. Now, the questions to ask are the 
following: Is such a hypothetical loading realistic and possible? Is 
the cross -sectional flexibility such that it will deform so if such a 
hypothetical loading occurs? 
No matter how realistic such a loading condition might be under 
other circumstances, it is not realistic for a bridge vibrating in its 
fundamental vertical and transverse modes (see Fig. 2.6). Furthermore, . 
as discussed before, the rigidity of the deck cross-section is so high 
that eros s - sec tional deformation is practically non- exis tent. This is 
because the diaphragm connects to the top of the pier and extends across 
the entire width of the bridge deck. 
To further illustrate the adequacy of the connection model, the 
frame shown in Fig. 6.3 which is similar to the column-deck connection 
is analyzed using two different models. In the first model, the column 
is modeled with plane stress elements and the beam is modeled using beam 
elements. For the second model, beam elements are used in representing 
both the column and the beam which results in a compatible mesh. 
Using these two models, the frame is analyzed under vertical and 
lateral loads. Shown in Table 6.1 are the displacements at three 
different locations of the frame for both models. From these numbers, it 
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is apparent that the plane stress model behaves exactly the same as the 
beam model. Note that for these loadings, and many other types of 
loading such as concentrated moments at the ends, the distribution of the 
stresses on the cross-section between the plane stress elements and the 
beam elements is smooth and consistent with beam theory and satisfies 
equilibrium with perfect accuracy as expected. 
The capability of the connection in nonlinear cyclic analysis is 
also demonstrated by analyzing the columns shown in Fig. 6.4. Both 
columns are modeled with plane stress elements. However, the first 
column is directly fixed at the base, while the second column is fixed at 
the base by connecting it to a fixed rigid beam. The rigid beam is 
modeled with beam elements. So the connection is similar to the deck-
column connection. 
The load-deformation curves for both columns under one cycle of 
lateral load are shown in Figs. 6.5 and 6.6. The curves are plotted 
together in Fig. 6.7, and as seen from this figure, they are exactly the 
same. 
models. 
A slight violation of equilibrium is even the same for both 
This can be seen from a little jump on the last portion of each 
curve. The jump disappeared for both models as tolerances 
(Section 4.5.3) were tightened. 
6.3 Artificial Accelerogram 
When response of two different structures to a ground motion are 
being compared, it is important to use an accelerogram that generates 
approximately the same acceleration in the two structures. For example, 
the accelerogram corresponding to the response spectra shown in Fig. 6.8 
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will generate 2g acceleration in a structure with frequency of 5Hz. For 
a structure with 2.5Hz frequency, it generates 3.7g acceleration. Thus, 
the difference in the response cannot be attributed only to the 
different structural characteristics or different seismic behavior. To 
eliminate such factors in the analysis of different structures, it is 
desirable to have a single ground motion to use for analysis that has a 
smooth response spectrum. Therefore, it would generate approximately the 
same elastic structural response at all frequencies within a given 
range. Since any real time history cannot produce the same response at 
all frequencies, it is necessary to use an artificial accelerogram that 
exerts the same acceleration for a given range of frequencies. 
Barenberg and Foutch (1986) developed an artificial accelerogram 
that matches an elastic response spectrum. The target spectrum along 
with the final response spectra for the artificial accelerogram are shown 
in Fig. 6.9. The artificial time history is derived by superposition of 
pulses or sine waves of various frequencies and amplitudes. The response 
spectrum of such a time history is compared to the target spectrum. 
Adjustments to the amplitudes of the input waves are made until the 
response spectra match with desired accuracy (Fig. 6.9). The final form 
of the artificial accelerogram, along with the velocity and displacement, 
are shown in Fig. 6. 10. The effective-peak-acceleration of the 
artificial accelerogram, for periods in the range of 0.1 to 0.5 sec is 
1.Og. Note that the velocity and displacement are obtained by 
integrating the acceleration with time. 
As seen from Fig. 6.9, the artificial accelerogram generates almost 
the same acceleration in structures with frequencies in the range of 2 to 
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10Hz. Therefore, it eliminates the problem of different input when 
structural responses are being compared. Unless stated otherwise, this 
artificial accelerogram is used as input motion in the examples 
. presented in this chapter. 
6.4 A Case Study - San Fernando Road Overhead 
As discussed in Chapter 2, the San Fernando Road Overhead Bridge 
was heavily damaged during the San Fernando earthquake. The results of 
an elastic analysis indicated that transverse motion by itself probably 
could not have caused the yielding of the column that occurred during the 
earthquake. However, it was demonstrated that transverse motion in 
conjunction with vertical motion might have caused yielding and damage to 
the bridge pier. In this section an inelastic analysis of the bridge is 
used to study the relative importance of vertical and horizontal ground 
motions on the performance of the bridge. 
Two cases will be considered in this section: 1) the response of 
the bridge to the transverse component of the earthquake motion is 
computed; and 2) the bridge is subjected to both vertical and transverse 
motion sireultaneously. The input motion is 70% of S16°E component of the 
Pacoima Dam record. The damping ratio is 3% for both transverse and 
vertical modes. Note that only a portion (3.5 - 11.5 sec) of the ground 
motion is used in the analyses. Also, the same input is used for the 
horizontal and vertical directions due to the limitation of the program 
used. 
In Fig. 6.11, the shear-deformation hysteresis loops of the column 
for the first case is shown. As seen from this figure, the pier remains 
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almost elastic. Indeed, investigation of the reinforcements at the base 
of the column indicates only a slight inelastic deformation in one of the 
reinforcing bars. This is due to the high reinforcement ratio, 4.6%, 
that gives a very large yield moment. However, although it is not quite 
obvious from the load-deformation loops for the second case (Fig. 6.12), 
significant inelastic deformation occurs in the reinforcing bars when 
both vertical and transverse motions are being considered. Shown in 
Fig. 6.13 is the extent of yielding of the reinforcements at the base of 
the pier for both cases. The higher amount of yielding of the 
reinforcement in the second case compared to the first case is due to 
the reduction in yield moment of the pier because of the presence of 
tensile axial load on the pier. This axial load is generated by the 
vertical motion. For a single-column bent, there is not any variation in 
the axial load if only transverse motion is being considered. 
Crushing of concrete was not observed for neither case. For the 
first case it was not expected, since the reinforcing did not yield. For 
the second case, the lack of damage to the concrete resulted from two 
factors. First, unlike other records, the time history used is 
characterized by only one large acceleration peak with relatively low 
amplitude motion at other times. Secondly, the duration of the input 
motion is very short. Thus, after yielding of the reinforcements, which 
occurs toward the end of the motion, there are not any other instances of 
significant response. For longer duration motions with time histories 
more representative of actual earthquakes, there are several cycles of 
high amplitude response in each direction. Therefore, the damage caused 
during one cycle is aggravated by subsequent cycles of response. Note 
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that in RIC members, such as this pier, whose lateral reinforcement ratio 
is very low, crushing of concrete is imminent once the member yields. 
This is because the ductility is very low and axial force aggravates this 
problem. 
Another possible mode of failure is shear failure. In piers that 
are not adequately reinforced in the transverse direction, the shear 
capacity is very low since concrete is the only source of resistance to 
applied shear. When considering vertical motion, the lack of adequate 
transverse reinforcement becomes even more pronounced. This is due to 
the fact that the shear capacity of RIC members is affected by the level 
of axial force. Compressive axial force increases and tensile axial 
load decreases the shear capacity. 
Blume, Newmark and Corning (1961) recommend the following formulas 
for the amount of shear carried by the concrete: 
(1 + p ) 1. 9b' dJf7 v 
c l6A Ji' c tr c 
(6.1) 
if P is compressive, and 
(1 P ) 1.9b'dJf7 v = -
c 8A Jf7 c tr c 
(6.2) 
for tensile axial load Pt' A is the transformed area of uncracked tr 
section. 
Using Eqs. 6.1 and 6.2 and A instead of A , the shear capacity of g tr 
the San Fernando pier is calculated for the aforementioned cases. Note 
that the small amount of shear strength provided by the lateral 
reinforcement is also included. The shear capacity and the applied shear 
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for each case are plotted in Figs. 6.16 and 6.17. Considering only 
transverse motion, except for a couple instances, the overall factor of 
safety against shear failure is always higher than unity with a good 
margin. However, for the second case (vertical and transverse) the shear 
capacity is exceeded many times and the overall factor of safety against 
shear failure is very low. 
This example demonstrates the relative importance of vertical motion 
in conjunction with transverse motion. It illustrates the possibility 
that many of those bridges which failed during the San Fernando 
earthquake may have survived, or may have been damaged less if it was 
not for vertical motion. Housner (1971) observed that: "It has been 
suggested that perhaps the ground motion at the Olive View Hospital and 
at the freeway overpass structures has unusually strong vertical 
components of motion." Hence, considering this suggestion along with 
the results just presented, a more detailed 3-D analysis of bridges is 
warranted to investigate the actual causes of damage to bridges during 
this and other earthquakes. 
6.5 Analysis of Hypothetical Bridges 
In the following sections, several bridges will be analyzed under 
transverse earthquake motion with and without vertical motion. In these 
sections a case where only transverse motion is considered is referred 
to as H-only and a transverse and vertical case is called V&H. Bridges 
are designed by the AASHTO (1983) single mode response spectrum design 
method. The relative importance of vertical motion for each case will be 
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assessed based on the magnitude of forces in different components of the 
bridge and the amount of damage sustained by the column(s). 
The artificial accelerogram is scaled such that the effective peak 
acceleration is O. 7 g. Note that O. 4g effective peak acceleration as 
assumed in the design will cause no or very small yielding in the piers. 
This is due to the fact that the strength reduction factor assumed in the 
design of the columns, the softening of the piers upon cracking and 
strain hardening of the reinforcing steel offset the effects of the 
response modification factor. Therefore, no significant inelastic 
behavior takes place under the design earthquake. However, the design 
earthquake is not representative of the largest earthquake that is 
possible at a given site. This is particularly true near active faults. 
Several earthquakes that are stronger than the design earthquake have 
already been recorded in California. 
6.5.1 Configuration of Bridges and Design of Piers 
Geometrical properties of the hypothetical bridges are shown in 
Fig. 6.l8a. All bridges consist of two spans (140 ft. each) with either 
a single- or double-column bent at the center. The dimensions of the 
rectangular columns used for single- and double-column bent are shown in 
Fig. 6.l8b. The properties of the decks are determined from a typical 
two or four lane RIC box girder bridge. The deck-to-abutment connection 
is assumed pinned, except as noted. The length of the columns is assumed 
to be 30 ft., and the columns are assumed to be fixed at the base. 
The piers are designed for the moments from the static analysis 
divided by the appropriate response modification factor, R, and the 
strength reduction factor, 4>. As given by AASHTO, the R factor for a 
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single-column bent is equal to 3; and it is equal to 5 for double-column 
bent. The value of ¢ increases linearly from a minimum value of 0.5 to 
the value of 0.9 for pure flexure when the stress due to axial load is 
between O.2f' and zero. If the minimum reinforcement ratio governs, this 
c 
value (1%) is used. However, one bridge is designed strictly based on 
the required steel for moment capacity and the minimum reinforcement 
requirement is ignored. Assumed properties of concrete and steel are 
shown in Table 6.2. These values are used for all columns. The hinging 
regions of all columns are assumed to be perfectly confined except for 
Bridge #2. Therefore, a is equal to a (see Fig. 4.2) and a large value 
u c 
is assigned to E compared to E. This means that the slope of the a-E 
u c 
curve for concrete beyond E 
C 
is zero ({3'=0). For Bridge #2, the 
following expressions are used to find {3' (Park and Paulay, 1975): 
{3' 0.5 
EsOU + EsOh - 0.002 
(6.3) 
where 
3 + 0.002 f' 
c 
EsOU ft 
- 1000 (6.4a) 
c 
where 
ESOh = 3/4Ps Jb"/S h (6.4b) 
where 
P ratio of volume of transverse reinforcement to volume of 
s 
concrete core, 
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bIt width of confined core measured to outside hoops, and 
Sh spacing of hoops. 
6.5.2 Bridges #1 & #2 
Bridge #1 is assumed to have a single-column at the center bent of 
the span. Based on the single mode design method, the minimum 
reinforcement of 1% governs. The moment-curvature hysteresis loops at 
the base of the column for both cases (i.e., H-only and V&H) are shown 
in Figs. 6.19 and 6.20. When considering only transverse motion the 
hysteresis loops are very stable with no strength deterioration. There 
is not any sudden or unpredicted change in the stiffness of the column. 
On the other hand, the hysteresis loops for V&H case are very unstable 
and asymmetric. There are significant changes in the strength and 
stiffness of the column because of the variation in axial load resulting 
from vertical motion. 
This difference in hysteresic behavior is manifested in the amount 
of damage sustained by the column for each case as shown in Fig. 6.21. 
When considering V&H the damaged area is more than twice of that for H-
only case (note that the concrete is considered damaged when its maximum 
compressive strength is reached). Furthermore, fluctuation in the 
stiffn2ss of the column has resulted in significant variations in the 
amount of lateral load carried by the column (Fig. 6.22). This figure 
indicates moments of abrupt change in column participation in the lateral 
load carrying capacity of the system. Note that both the maximum and 
minimum column shears occur for the V&H case. Because of the presence 
of a very rigid deck and other reasons to be discussed later, the 
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maximum displacement is about the same for both cases and is about 
3.4 in. at the center of the deck. 
With regard to other components of the bridge, it is important to 
compare the amount of forces that need to be carried by foundation and 
abutments for each case. Shown in Fig. 6.23 are the time histories of 
axial force in the column. For H-only case the maximum forces to be 
carried by the foundation are: l7,600k-ft. moment along with a 
compressive axial load of 2000k corresponding to the dead load. However, 
for V&H case the maximum moment is 23,000k-ft., which is 30% higher, and 
the maximum compressive axial load is equal to 5450k. A maximum net 
tensile axial load of l400k needs to be considered too. 
For this bridge, which is assumed pinned at the abutments in the 
longitudinal direction. The Codes require no upward force to be 
considered at the abutments and the only downward force considered is the 
dead load. Shown in Fig. 6.24 are the time histories of vertical forces 
in the abutments. Considering vertical motion the maximum downward and 
upward vertical forces at the abutments are l520k and 420k, respectively, 
compared to 600k and 0 for the H-only case. 
The second bridge (Bridge #2) is exactly the same as Bridge #1, 
except for the material model used in representing the concrete. Here, 
it is assumed that the concrete is not perfectly confined. Using 
Eqs. 6.3 and 6.4 the slope of O-E curve beyond the maximum compressive 
strain is computed (see Fig. 4.2). The amount of transverse 
reinforcement is computed by satisfying the requirement for confinement 
at the plastic hinges or by designing the column to carry the appropriate 
shear specified by the Codes, whichever is larger. 
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Moment-curvature hysteresis loops for both cases are shown. in 
Figs. 6.25 and 6.26. For H-only case, there is not a significant 
difference compared to Bridge #1. The maximum curvature and moment 
remain the same. For the V&H case, however, although the maximum moment 
is the same as that for Bridge #1, the maximum curvature is 50% higher 
-3 -3 (5.8xlO rad/ft. vs. 3.8xlO rad/ft.). This means not only much hig~er 
damage to the concrete, but also indicates the need for more local 
ductility under such loading. That is good bond between concrete and 
steel and the prevention of buckling in the reinforcement must be 
guaranteed so that the required moment capacity is provided and 
maintained. Larger curvatures mean higher stresses in the longitudinal 
steel. Thus, the proper anchorage of the steel in the pile cap becomes 
critical. More spalling would also be expected, so buckling of the 
longi tudinal bars may occur. In this study it is assumed that the 
transverse reinforcements do not rupture. Higher curva.ture means higher 
strain and stress in the transverse reinforcements, and their proper 
performance under such conditions must be questioned. 
6.5.3 Bridges #3 & #4 
These two bridges are assumed to have double columns at the center 
bent. The first Bridge (#3) is designed considering the minimum 
reinforcement requirement. This criteria controls the design of the 
columns and, therefore, the minimum reinforcement of 1% is used. For the 
second bridge, this requirement is ignored and the columns are designed 
to carry the required design moment and axial force. 
Shown in Figs. 6.27 and 6.28 are the M-¢ curves for Bridge #3 for 
both columns. Similar to previous examples, fur H-only case the 
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hysteresis loops, although asymmetric, are stable with no strength decay 
for each half cycle. The asymmetry of the loops is due to variation in 
axial force from framing action resulting from the lateral force. As 
discussed in Chapter 5 (see Section 5.3), proportional variation in axial 
load affects the shape of the hysteresis loops, but does not 
significantly affect the overall behavior of the bridge. This is due to 
the fact that while moment decreases in one column as result of lower 
compressive or tensile axial load acting on the column, it increases in 
the other column because of presence of high compressive axial load in 
that column. So on the average they compensate for each other. 
However, considering vertical and transverse motions together, the 
hysteresis loops are again very unstable and demonstrate significant 
variation in strength and stiffness of the columns (Fig. 6.28). The 
average moment-curvature loops are plotted for both cases and are shown 
in Figs. 6.29 and 6.30. Diagrams of the variation in ultimate moment of 
the columns are plotted for both cases in Fig. 6.31. Also, shown in 
Fig. 6.32 is the extent of damage sustained by the Column #1 for each 
case. Damage to the columns under vertical and transverse motions is 70% 
higher than the H-only case. The maximum deflection for H-only and V&H 
case are 3.6 and 3.8 in., respectively. 
As mentioned before, the second double-column bridge (i.e., Bridge 
#4) is des igned ignoring the minimum reinforcement ratio requirement. 
This can be looked at as if the response modification factor, R, was 
higher for design as suggested by previous investigators. Reinforcement 
ratio equal to 0.3% provides the required design moment. 
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The hysteresis loops for the two cases are shown in Figs. 6.33 and 
6.34. For the H-only case, the pinching of the loops is more severe 
compared to the previous case. Pinching is caused by the dead load plus 
the axial forces caused by overturning moment. Relative to the previous 
example, the damage for H-only case is 50% higher. The maximum 
displacement is equal to 5.0 in. For V&H case, again, the loops are 
highly unstable and are characterized by significant variation in 
strength and stiffness. To see such variations better, only several 
cycles of the M-¢ curve for one of the columns is shown in Fig. 6.35. 
Damage for this case (i. e., V&H) is 75% higher than H - only case. The 
damage is 66% higher compared to the V&H case of the previous example. 
The maximum displacement is equal to 5.7 in. 
As for the previous cases, much higher forces need to be carried by 
foundations and abutments when vertical motion is also considered. For 
example, the maximum moment in Column #1 for H-only case that must be 
transferred through the foundation is 4450k-ft. The maximum and minimum 
compressive axial loads are 1900k and 420k, respectively. However, under 
vertical and transverse motion, the maximum moment is 6050k-ft., which is 
36% higher than H-only case. The range of the axial force is from 3200k 
compressive to 400k tensile load. Unlike the H-only case, the 
possibility of shear failure is much more likely when vertical motion is 
also included. 
6.5.4 Bridges #5 & #6 
To see the relative importance of vertical motion on 4-lane bridges 
which have stiffer and more massive decks, two bridges with decks having 
similar properties as a typical 4-lane bridge are studied. The first 
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bridge is assumed to have only a single-column at the central bent. A 
double-column bent is assumed for the second bridge. The length of the 
deck and the dimensions of the columns are the same as those for previous 
examples. 
controls. 
Note that for both examples, the minimum reinforcement ratio 
Due to the high stiffness of the deck in the transverse 
direction which causes a relatively larger amount of the total shear to 
be carried by the abutments, this minimum reinforcement is much higher 
than the reinforcement required for the applied earthquake. 
Hysteresis relationships for Bridge #5 are shown in Figs. 6.36 
through 6.39. When considering only transverse motion, the column 
remains almost elastic due to high stiffness of the deck. However, for 
V&H case this is not the case as shown in Fig. 6.40. The column 
sustains significant damage for this case. For H-only case the column 
damage is minor. Quantitatively the amount of damage to the column 
considering vertical motion is four times that for H-only case. The 
maximum displacements for H-only and the V&H case are 1.07 and 1.18 in., 
respectively. Time histories of column axial force and vertical force on 
the abutments are shown in Figs. 6.41 and 6.42. 
As was mentioned before, one of the effects of the changing axial 
force is that the stiffness and strength of the column change. As a 
result of this phenomena, the amount of shear that goes to the column can 
vary significantly. Also, the shear capacity of the section would vary 
as given by Eq s. 6. 1 and 6. 2 . Using these equations and assuming zero 
shear capacity when the entire cross-section is cracked, time histories 
of the provided shear capacity for both cases are obtained. These values 
along with the applied shear are plotted in Figs. 6.43 and 6.44. The 
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shear capacity includes the contribution from the concrete and from the 
transverse steel. For the H-only case, the shear capacity is almost 
constant and is always higher than the applied shear. 
varying axial load the shear capacity for V&H case is 
However, due to 
changing. In 
several instances the applied shear exceeds the provided capacity; and, 
in many other instances the factor of safety against shear failure is 
very close to unity. Certainly, this is not a favorable condition for 
structures that are designed to resist seismic loads. 
For the double-column bridge (i.e., Bridge #6) similar behavior is 
observed as seen from Figs. 6.45 through 6.48. When vertical motion is 
not considered, the columns remain almost linear with negligible damage. 
However, when this motion is considered the column undergoes a certain 
amount of damage. Again, due to high stiffness of the deck, the maximum 
displacement is almost the same for both cases and is about 1.2 in. 
Unlike the H-only case, shear failure is possible for the V&H case 
(Figs. 6.49 and 6.50) and forces in the abutments and foundations are 
much higher when vertical motion is considered. 
Compared to the other examples, it appears that the effect of 
vertical motion is more pronounced on the 4-lane bridges. This is due to 
the fact that higher forces develop for this type of bridge because of 
the larger mass. But, in the transverse direction most of the lateral 
force is carried by the abutments since the deck is very stiff in this 
direction. Therefore, when considering only transverse motion the 
columns remain intact and almost elastic. However, when cons idering 
vertical and transVerse motions together the columns might sustain 
significantly more damage as a result of coupling between axial force and 
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bending moment. Furthermore, period elongation is much less when columns 
soften for this type of bridge compared to a 2 -lane bridge. This in 
turn means that reduction in input energy is less. Therefore, it can be 
said that the vertical motion in conjunction with transverse motion may 
be expected to cause more damage to a 4-lane bridge than to a 2-lane 
bridges. 
6.5.5 Bridge #7 
In the previous section it was mentioned that most of the lateral 
shear induced by the transverse component of an earthquake is carried by 
the abutments due to high rigidity of the bridge deck. This means very 
high shear forces must be carried by the shear keys and bearings at the 
ends. In practice, it might not be possible or economical to design for 
this level of loading. Therefore, abutments might be designed to yield. 
To see the effect of yielding at the abutments, Bridge #7 is analyzed 
wi th and without vertical motion. This bridge has exactly the same 
properties as Bridge #5 except that nonlinear springs are used at the 
ends to simulate abutment failure or yielding. The yield force is equal 
to 1/3 of the design shear at the abutments (see Fig. 6.51). The initial 
stiffness is assumed to be equal to the stiffness of the column assuming 
fixed-fixed ends. 
Moment-curvature hysteresis loops and the extent of damage for 
Bridge #7 are shown in Figs. 6.52 through 6.54. When considering only 
transverse motion, damage is higher in this case than for Bridge #5, 
although it is not significant. As expected, the maximum displacement is 
higher and is equal to 1.8 in. (that is, about 80% increase). When 
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considering vertical motion, damage is much higher than that for H-only 
case (Fig. 6.54) although the maximum displacement is the same. 
One would expect the displacement to be higher in this case, since 
the deck does not resist any lateral force upon yielding of the 
abutments. The reason that this does not happen is that when the 
abutments yield and the column is under tensile axial force as marked by 
an arrow on the M-¢ curve in Fig. 6.53, the stiffness of the system goes 
towa:rd zero. This in turn means significant reduction in input energy 
and, therefore, there is not any lateral force to cause any additional 
dis:placement. 
6.6 Bridge #8 
This 300-ft. long bridge has two spans supported on a single-column 
at the middle. The properties of the deck are those of a typical heavy 
2-lane bridge. The column is 7x3 with 1.25% longitudinal reinforcement 
amd a length of 30 ft. It is assumed fixed at the base. The input 
motion is 60% of S16°E component of the Pacoima Dam record. 
The hysteresis loops for the lateral load-deflection response of the 
columns for the bridge response with and without vertical motion are 
shown in Figs. 6.55 and 6.56. Similar to the previous examples, the 
column demonstrates stable behavior under transverse motion alone. 
However, when considering vertical motion the column response is totally 
different. It can be seen from the time histories of column shear 
f't"1 "' t:.. ~ '7 \ \.1.- ..1..5' V • .J I J how significantly the axial force affects the amount of 
shear that goes to the column. As seen from this plot, the column shear 
for V&H case is more than twice of that for H-only case. However, the 
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maximum displacement for the V&H case is smaller by 10%, indicating a 
reduction in the ductility of the bridge. The reduction in ductility is 
more obvious by comparing the moment-curvature response at the base of 
the column for each case as shown in Figs. 6.58 and 6.59. 
Shown in Fig. 6.60 is the amount of damage sustained by the column 
in each case. For H-on1y case, only the extreme fibers of the column are 
crushed, while in the other case (i.e., V&H) the whole cross-section at 
the base of the column is crushed. Another important factor to consider 
is the vertical deformation at the top of the column. Shown in Fig. 6.61 
is the time histories of the vertical displacement at the center of the 
column for both cases. As indicated by the high upward (positive on the 
plot) displacement, there are instances where the entire column cross-
section is cracked. This in turn may result in excessive deterioration 
of the bond of the longitudinal steel, especially for that segment that 
extends from the pier into the pile caps. 
Time histories of applied shear and provided shear capacity are 
plotted in Figs. 6.62 and 6.63. For the V&H case and unlike the H-only 
case, there are instances that the applied shear exceeds the provided 
capacity. Finally, much higher moment and ver~ical forces are exerted on 
the foundations and abutments. 
6.7 Upwardly Unsupported Bridges 
In the previous section it was mentioned that there are instances 
when the columns are under high tensile force. If the level of this 
force becomes significant, higher damage to the column and its foundation 
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is unavoidable. In many bridges, the deck to abutment connection is not 
monolithic. The deck is either connected to the abutments through hold-
down devices or it just sits on the abutment with no upward restraint. 
A simplified version of the latter case is shown in Fig. 6. 64a. It 
appears that for a bridge supported in this manner, much higher axial 
forces might be generated by the vertical motion. To investigate this 
speculation, the bridge shown in Fig. 6.64a is modeled with finite 
elements as shown in Fig. 6. 64b . The deck and column are modeled with 
elastic beam elements. The abutments are represented with nonlinear 
spring elements that do not have any resistance in the upward direction, 
but are very s tiff in the downward direction. The load- deforma tion 
relationship for the springs is shown in Fig. 6.65. The compressive 
stiffness of the springs is assumed to be equal to the axial stiffness of 
the column (i. e., EA/L of the column). When modeling this type of 
problem, the stiffness of the spring should not be extremely high 
because it may result in an ill-conditioned stiffness matrix. This in 
turn will result in convergence difficulties and incorrect solutions 
(for this problem values up to lOO*EA/L of the column was successfully 
used) . 
Time histories of the axial force in the column and the displacement 
at the center of the span for this case and a case where the springs are 
active in both directions (i.e., almost pinned abutments) are shown in 
Figs. 6.66 through 6.69. Shown in Fig. 6.70 is the displacement of the 
deck at the abutment for the first case. The results show that the 
level of tensile axial force (positive on these plots) is the same for 
both cases. Lack of higher tensile axial force for the bridge which is 
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upwardly free at its abutments is due to elongation in the period of the 
structure when the springs are not active. However, the maximum 
compressive axial force for this case is 46% higher than the maximum 
compressive axial force for the second (pinned) case. The reason is 
that when the motion is downward the system seeks an equilibrium state 
where the springs are not compressed. Therefore, all the forces are 
transferred to the column. Note that the initial similarity in response 
as seen from time histories of displacements is due to the fact that is 
takes a while for the response in the upward direction to overcome the 
dead load. 
6.8 Discussion and Conslusions 
From these examples, it can be said that, in general, the vertical 
motion does affect the response of highway bridges. In conjunction with 
transverse motion, it will aggravate the sustained damage or may even 
cause damage and/or failure which would not have occurred otherwise. Of 
course, each component of a bridge is affected differently by this 
component of ground motion, and depending on the intensity of motion, the 
extent of damage varies. In the following sections, the effect of this 
motion on various components and on the detailings of bridges similar to 
those considered is discussed. Note that the Guide Specifications for 
Seismic Design of Highway bridges recommended by AASHTO (1983) is meant 
when design codes are referenced. 
6.8.1 Columns and Piers 
For 2-lane bridges, if the effective peak acceleration is O.4g, the 
increase in damage to the columns due to vertical motion is minimal. 
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This is due to the fact that when considering the moment reduction factor 
and the reduction in stiffness of the columns upon cracking which results 
in lower lateral force going into the column, there is only a slight 
inelastic behavior in these members. (Note that for this type of bridge, 
the column participation in carrying the lateral load is initially very 
high, especially when abutments are pinned rather than fixed. And for 
this reason they are designed for high level of lateral force.) However, 
if the peak ground acceleration is higher (say about 0.7g), the vertical 
motion will magnify the amount of damage and yielding in the columns. 
However, failure due to shear or excessive damage is still unlikely if 
adequate lateral reinforcement is provided. The vertical motion will 
also cause a substantial increase in local ductility demand. Note that 
for the double-column bent, the effect of vertical motion is more 
pronounced due to the higher response modification factor used in design. 
For 4 -lane bridges, or 2 -lane bridges with decks heavier than 
normal, the intensification of damage due to presence of vertical 
acceleration is higher. In the design of 4-lane bridges significant 
lateral forces are carried by the abutment due to the high stiffness of 
the deck. Therefore, the column design forces are proportionally much 
lower and the minimum reinforcement requirement governs the design of the 
piers. For this reason, the system remains almost linear when 
considering only transverse motion. But with vertical motion higher 
shear goes into the column. This is because of the increase in stiffness 
of the column resulting from high compressive axial force. Consequently, 
much higher damage and inelastic action takes place. As a result of high 
tensile axial force the shear and moment capacity of the column reduces 
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significantly. Thus, there is a possibility of shear failure. Ductile 
performance and the avoidance of shear failure as intended by the design 
codes will be jeopardized. Furthormore, yielding of the reinforcment 
occurs at a much lower moment compared to the design moment. For these 
reasons, failure of the entire bridge becomes a real possibility when 
vertical and transverse motions are considered together. Therefore, in 
lieu of complete three-dimensional analysis, the following modifications 
might be considered in the design codes: 
- Zero shear strength be attributed to the concrete, i.e., v =0 
c 
- Development length for longitudinal steel be increased 
- Use of diagonal reinforcement be encouraged 
It has been shown that diagonal reinforcement will increase shear 
strength, ductility and energy-dissipation capacity, and it will cause 
more gradual strength degradation (Wakabayashi, 1986). All of these 
characteristics of the colwnn were affected adversely by variation in 
axial force. 
6.8.2 Abutments and Connections 
The vertical force acti.ng on the abutments is affected by the 
vertical motion. The effect is a significant variation in this force, 
which will range from very high compressive to zero or even net tensile 
force. This wi 11 affect different components used for connecting the 
superstructure to an abutment such as bearings, hold-down devices, etc. 
Significant inertia forces in both transverse and longitudinal 
directions must be carried by abutments of a bridge. One purpose of 
bridge bearings is to transfer these forces from the superstructure into 
the abutments. Therefore, to minimize damage to the colwnns and to 
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prevent excessive displacement of the bridge, it is important to ensure 
the adequacy of such mechanisms of load transfer. Force diagrams 
describing the limiting equilibrium conditions for a simple abutment 
using sliding steel bearings or pot bearings are shown in Fig. 6.71. As 
seen from this figure, since the load is transferred through friction, it 
depends directly on the applied normal stress. Any variation in this 
stress due to vertical motion will make the nature of the force transfer 
mechanisms more complex. Detailed consideration of the magnitude of this 
force and its variation is essential if such a mechanism of load transfer 
is incorporated. This is particularly true for bridges classified by the 
design codes as SPC D where continued bridge accessibility after a major 
earthquake is required. 
Note that a similar argument is true about the expansion joints. 
Although not considered in this study, it is quite obvious that similar 
situations might prevail in expansion joints of a bridge. Subsequently, 
the load deformation relationships of the bearings will be affected 
significantly by the variation in the applied normal stress as shown in 
Fig. 6.72. 
Hence, if vertical motion is not considered in the design, it is 
appropriate to give additional consideration to use of other reinforcing 
components, such as linkage bolts, in the design of these components. 
For 4-lane or heavy bridges where their survival and accessibility after 
a maj or earthquake is essential, monolithic abutments are particularly 
recommended. 
Based on the current design codes, if a two span bridge is assumed 
pinned in the longitudinal direction, the hold-down devices are designed 
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for .zero net upward force. This is because when one considers only 
horizontal motions, there is no other vertical force acting on the 
abutments but the dead load which is compressive (or downward). However, 
vertical acceleration will generate net tensile forces and, therefore, 
the current guidelines for the design of this component are inadequate. 
It is advisable to re-evaluate the current formula, such that the 
integrity of the entire bridge as a continuous structure with adequate 
detailings is preserved. For bridges similar to those investigated in 
this study, it is appropriate to assume a net upward force of 50 to 75% 
of the dead load in lieu of complete 3-D analysis. 
The soil-abutment interaction is another important parameter that 
will be affected by the forces exerted on the abutments due to vertical 
motion. This is a complex phenomenon and needs to be dealt with in 
future studies. Special provisions and appropriate modifications to the 
current methods of analysis might be necessary to ensure adequate design. 
For example, the codes recommend that abutments of the free-standing type 
should be proportioned to slide rather than tilt. To comply with this 
recommendation, consideration of the changes in the frictional forces 
due to variation in normal stresses is essential. Settlement of the 
abutment and higher forces on the wingwalls are other important factors 
to consider under such a loading condition. 
6.8.3 Foundations 
Vertical motion increases the applied shear and moments as well as 
the axial forces that need to be carried by the foundations. As was 
shown, an increase in the stiffness of the column resulting from presence 
of high compressive axial load causes an increase in applied lateral 
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shear and bending moment. These forces in turn must be transmitte~ to 
the ground through the foundations. Therefore, the footing and 
supporting piles of a foundation must be designed and detailed 
appropriately to accommodate such increases in applied load. 
In addition to the possibility of higher moments, foundation uplift, 
involving separation from the subsoil, is another potentially damaging 
circumstance that might prevail under strong vertical motion. Among 
other problems associated with net tensile force acting on the foundation 
are the possibility of pile reinforcement pullout and the lack of 
adequate longitudinal steel in piles. Consequently, the anchorage length 
and minimum longitudinal steel recommended by the Codes might need 
modifications if vertical motion is not considered in the analysis. 
The increase in compressive axial force, on the other hand, may 
cause stability problem in the piles. This is especially important where 
long vertical piles are used to reduce the liquefaction potential. These 
are all major factors that need to be addressed as the state-of-the-art 
in the effects of vertical seismic excitation develops. 
7.1 Summary 
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CHAPTER 7 
SUMMARY AND CONCLUSIONS 
The overall objective of this study is to investigate the relative 
importance of the vertical component of ground motions on the inelastic 
response of reinforced concrete highway bridges. To assess the effects 
of this component of earthquake motion, several actual bridges are 
analyzed. Two cases are considered in the analysis of each bridge: 
1) only transverse motion is considered, and 2) both vertical and 
transverse motions are considered simultaneously. The magnitude of the 
forces in, and extent of damage to, different components of the bridge 
are compared for each case. Particular emphasis is placed on the nature 
of inelastic response of the columns and piers. 
As motivating factors, ground motion and structural response 
measurements are presented in which the vertical acceleration and 
amplification of response in this direction are significant. 
Furthermore, damage and failure of structures during past earthquakes 
that hint at the possibility of vertical motion as a contributing factor 
are discussed. 
Using isoparametric shell elements, the entire box girder bridge 
deck is modeled. Such a model, although accurate in reproducing the 
response of a bridge deck, is very expensive computationally. Thus, 
using this model as a benchmark, a simpler three-dimensional model is 
developed. This model, called a GRID MODEL, consists of three-
dimensional beam elements. Using the grid model, the Meloland Road 
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Overpass is modeled and is subjected to the 1979 Imperial Valley 
earthquake. The results are compared to the field measurements during 
this earthquake. 
A finite element model is developed for the reinforced concrete 
column. The model consists of plane stress elements to represent the 
concrete and truss elements to model the reinforcing steel. The 
nonlinearity is introduced through the material properties of concrete 
and steel. Deficiencies with the concrete material model available in 
the ADINA program (which is used in this study) are addressed. 
Therefore, a new nonlinear concrete material model is incorporated into 
the prograin through the user supplied option. This material model 
includes cracking and crushing of concrete. Post-cracking and crushing 
are also modeled to account for the bond effect or tension stiffening and 
the degree of concrete confinement. A bilinear elastic-plastic material 
model with either isotropic or kinematic hardening is used for the 
reinforcement. Calculated load-deformation curves of different specimens 
using this model are compared with the experimental curves. 
The inelastic response of RIC columns under non-proportionally 
varying axial and lateral load is investigated. Also, for the same level 
of axial force, the effect of phasing with respect to the lateral load is 
studied. Furthermore, as a review and for comparison, the inelastic 
behavior of RIC columns with and without constant axial load is 
addressed, and the effect of proportionally varying axial load is 
discussed. Stiffness, strength, ductility and energy dissipation 
capacity are all important characteristics of a column which are 
examined. 
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Finally, using the models developed for the deck and column, 
detailed studies of actual bridges are performed to examine the damage 
process and the relative importance of the vertical motion on the 
magni tude of forces in different components of a bridge. The San 
Fernando Road Overhead Bridge and several other hypothetical bridges are 
investigated under vertical and transverse earthquake motions. Both real 
and artificial time histories are used in the analysis. Hypothetical 
bridges, similar to San Fernando Overhead Bridge, consist of two-spans 
with a reinforced concrete box girder deck. The central bent may consist 
of one or two columns fixed at the base. The effect of a heavier and 
stiffer deck as well as different boundary conditions are considered. 
Through the concrete material model, the effect of concrete confinement 
is analyzed. Considering the vertical motion, induced forces in 
different components of the bridges are compared to design forces as 
specified by current seismic design guidelines. The implication of such 
comparisons on the design codes is addressed and appropriate 
recommendations with regard to possible modifications in the codes are 
made. 
7.2 Conclusions 
Based on the measurements of the ground motions and bridge response 
during past earthquakes that are presented in this study, it is apparent 
that contrary to the customary belief the vertical acceleration can 
reach values comparable to horizontal accelerations and may even exceed 
these accelerations. Also, significant amplification in the vertical 
direction is possible. 
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The three-dimensional GRID MODEL developed for investigation of the 
effects of vertical motion is very economical and accurate in reproducing 
the deck response to ground motion. The response of Meloland Road 
Overpass in the vertical direction to the 1979 Imperial Valley earthquake 
is simulated with good accuracy. 
The model used to represent the RIC column demonstrates good ability 
in predicting ultimate strength and yield displacement of reinforced 
concrete members. Its behavior under cyclic lateral load is also 
compatible with the experimental results. So this type of modeling, 
although expensive and time consuming computationally, is capable of 
simulating the complex behavior of RIC members under arbitrary loading 
conditions and histories. The versatility is due to the fact that no 
predefined rules are involved in dictating the overall hysteretic 
behavior of any cross-section. 
Analyses of cantilever columns under non-proportionally varying 
axial load indicate the importance of this type of loading on the 
inelastic cyclic behavior of RIC columns. Furthermore, the results show 
that phasing of the axial load is one of the parameters that makes this 
effect even more pronounced. Very low energy dissipation capacity, 
unstable hysteresis loops, stiffness and strength fluctuation, and severe 
pinching of the hysteresis loops at different locations of the loops can 
all be attributed to non-proportional variation in axial load. These are 
all important factors in the seismic design of RIC structures. Another 
observation is that there is not a unique pattern in hysteretic response 
under such loading. This is due to the phase difference between the 
lateral and the axial loads. Al though not accounted for in the model 
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used, bond slip and buckling of reinforcement are expected to aggravate 
the adverse effects of such loading. 
Full scale analyses of actual bridges indicate that, in general, the 
vertical motion will increase the level of response and the amount of 
damage sus tained by a highway bridge. Of course, the severity of its 
effects ranges from minor to the possibility of failure, depending on the 
type of bridge and the level of ground motion. 
Resul ts of the analysis of the San Fernando Road Overhead Bridge 
indicates that the bridge pier stays almost elastic with only a slight 
yielding when only transverse motion is considered. The overall factor 
of safety against shear failure, except for a couple instances, is very 
good. During the earthquake the bridge was damaged such that it had to 
be demolished immediately. However, if the vertical motion is 
considered, much higher yielding takes place at the base of the pier. 
For columns similar to this pier which have very low transverse 
reinforcement the ultimate moment is very close to the yield moment. 
Consequently, yielding is followed by crushing of the concrete at plastic 
hinge zone s . The lack of crushing of the concrete for the analytical 
model can be attributed to the nature of the time history used (its 
duration is short and it is characterized by a single peak). 
Furthermore, ",hen vertical motion is considered, the overall factor of 
safety against shear failure is very low and the applied shear exceeds 
the shear capacity in many other instances. This is because of the fact 
that tensile axial force decreases the shear capacity of the column and 
compressive axial force increases the amount of shear that goes into the 
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column. Variation in the axial force is caused by the deck response to 
vertical acceleration. 
The analysis of hypothetical bridges produced several results. The 
effect of vertical motion on the columns of two-lane bridges is expected 
to ·be minimal if ground peak acceleration is less than O. 4g. The 
vertical forces acting on the columns and abutments, however, would be 
significantly higher than assumed for design. The variation may range 
from a compressive force of twice the dead load to zero. The effect of 
such a variation is important in the design of connections and 
foundations. 
For stronger earthquakes the effect of vertical motion becomes more 
pronounced, especially for 4-lane bridges and 2-lane bridges with 
heavier decks. The adverse effect of this motion on the columns ranges 
from magnification of the amount of damage and yielding to shear failure 
and total destruction of the base concrete. High compressive or net 
tensile vertical forces induced on the columns and abutments are expected 
to have significant effect on the mechanism of load transfer to the 
ground and on the behavior of the connections. 
Due to the variation in the axial force, the hysteresis loops are 
very unstable and asymmetric. They demonstrate significant fluctuation 
in the stiffness and strength of the column. Consequently, the amount of 
lateral shear that is carried by the column varies. This, in turn, 
increases the possibility of damage and failure in the columns and 
abutments. As a result of high tensile axial force, the shear capacity 
of the column reduces significantly which may lead to shear failure. On 
the other hand, due to the increase in stiffness of the column resulting 
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from high compressive axial load, a higher portion of the lateral force 
is carried by the column causing higher damage and ipcreasing the 
possibility of shear failure. Note that the ductility of the column 
decreases, too. If the concrete is not fully confined, i.e., it softens 
upon reaching the maximum compressive stress, variation in axial force 
increases local ductility demand substantially. Therefore, the lateral 
reinforcement in the plastic hinge zone must be capable of supplying 
adequate ductility. Finally the effects of vertical motion are more 
pronounced on double-column bridges due to higher response modification 
used in their design. 
Adequate design of the abutments is one of the most important parts 
in the design of bridge structures. Any deficiencies in the design of 
these components will result in significant damage to the column and will 
cause excessive displacement of the bridge. Thus, good knowledge of the 
nature and magnitude of the forces acting on them is essential to a good 
design. 
For all of the bridges discussed here, the varying vertical forces 
induced by the vertical motion on the abutments would not be accounted 
for in the current guidelines for seismic design of highway bridges. For 
maj or earthquakes the intens i ty of these forces can be so high that 
compressive forces three times the dead load are exerted. Net tensile 
axial loads of great magnitude are also generated. To summarize, the 
effects of these types of loadings on the abutments are expected to be 
the following: 1) significant variation in the mechanism of load 
transfer through the bearing. For example, if the normal stress is zero 
or tensile, the shear carrying capacity is reduced substantially; 
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2) failure of the hold-down devices is possible, since these elements are 
not designed for any tensile vertical force if the abutments are pinned 
in the longitudinal direction; 3) soil-abutment interaction is also 
affected increasing the complexity of this phenomenon; and 4) higher 
settlement and greater forces on the wingwa11s. 
Although not treated in this study, it is anticipated that vertical 
motion will affect the behavior of expansion joints. By affecting the 
performance of the bearings and exerting high forces on the vertical ties 
of an expansion joint, loss of span might result due to excessive 
displacement of the girders. 
Effects of the vertical component of a major earthquake on the pier 
foundation are: 1) higher compressive and tensile axial forces, 2) a 
significant increase in the bending moment and lateral shear due to the 
increase in compressive axial force acting on the columns, 3) possibility 
of pullout of the reinforcement and inadequacy of longitudinal steel in 
the piles, and 4) possibility of foundation uplift and stability problems 
in the piles. 
Because of all of these factors, it is appropriate to consider the 
vertical component of ground motion in the design of highway bridges. 
This is especially important for those bridges in which their survival 
and accessibility after a major earthquake is vital. To do so single or 
multiple mode response spectrum analysis can be used. For that class of 
bridges analyzed in this study (i.e., 2-span of equal length with no 
skew) single mode analysis will probably suffice. 
Using the period of the bridge in the vertical direction, the 
current formula given by the design codes can be employed to find the 
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elastic seismic response coefficient in the vertical direction. The use 
of the same relation as that used for the horizontal directions is 
justified on the grounds that: 1) vertical acceleration of ground 
motions can be as high as that in the horizontal directions, and 
2) damping ratio in the vertical direction is expected to be lower than 
that in the horizontal directions. The lower damping in the vertical 
direction is attributed to the fact that the deck remains elastic 
throughout the response and that the forces induced by the vertical 
motion are due to the vibration of the deck. For the same reason (i.e., 
linear response of the deck) the response modification factor, R, for 
forces and moments caused by the vertical motion should be less than 1. 
A response modification factor of 0.8 is consistent with the current R-
factors for the elastic components, given by the Codes. 
The current procedure may not be appropriate with regard to 
combining the forces and moments in three different direction. Based on 
the current design codes (AASHTO, 1983) the design forces and moments are 
obtained by adding 100% of the absolute value of the member elastic 
seismic forces and moments in one direction to 30% of those in the other 
direction. The same weighting coefficients can be used when vertical 
motion is also considered. Originally three cases should be recognized 
that include 100% of forces and moments in one direction added to 30% of 
forces and moments in the other two directions. However, the absolute 
value of forces in the vertical direction cannot always be used and the 
nature of the forces must be taken into account. For example, compres-
sive and tensile axial forces have a different effect on bending moment 
capacity of a section. Also, when friction mechanism is used in 
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transferring lateral forces to the abutments, compressive or tensile 
normal stresses change the nature of such a mechanism in different ways. 
So, it is important to recognize those effects; and different 
combinations must be considered to find the controlling case for the 
design. Certainly, the engineer's judgment will playa significant role 
in achieving an optimal des ign. As a minimum, the maximum and minimum 
normal forces should be considered as separate cases. 
Note that these conclusions and recommendations are merely based on 
this study which is very limited and considers only one class of highway 
bridges (namely, two-span RIC box girder bridges). Certainly more 
research, both analytical and experimental, is needed before the state-
of - the - art reaches a point where all the effects of this component of 
ground motion are fully understood and appropriate guidelines and 
provisions are adopted. 
7.3 Recommendations for Further Research 
To gain more knowledge of the effects of vertical motion on highway 
bridges, other types of bridges (such as multi - span bridges, skewed 
bridges, etc.) need to be considered. Collected data from recent 
earthquakes indicate very high amplification of motion in the vertical 
direction for this type of bridge. For example, the multiple-span bridge 
shown in Fig. 7.1 has been instrumented with six strong motion 
accelerometers. This bridge, the Yuan San bridge located in northern 
Taiwan, experienced an earthquake of magnitude 6.8 on November 15, 1986 
(Chern and Hwang, 1987). The amplification factor in the vertical 
direction was 15, and that for the transverse direction was 5.5. These 
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numbers are for response at the center of the span (where the expansion 
joint is located), compared to the top of the pier C that is very close 
to ground (Chern and Hwang, 1987). 
To study the response of multiple-span bridges, a simpler and more 
economical model of the columns is essential. However, the model must be 
able to simulate the complex behavior of a RIC column under non-
proportionally varying axial load. Therefore, new 3-D hysteresis models 
must be developed that can predict the inelastic behavior of RIC columns 
under such loading conditions. A more economical model for the columns 
would also make it feasible to model the nonlinear soil-structure 
interaction. Thus, the following work might be considered to better 
understand the effects of vertical motion on highway bridges: 
1. Investigation of the effects of vertical motion on long, 
multiple-span as well as skewed highway bridges. 
2. Further experimental and analytical work on the inelastic 
behavior of RIC columns under non-proportionally varying axial 
load. 
3. Development of new hysteresis models that can predict inelastic 
response of RIC columns under such loading conditions. 
4. Investigation of the effects of vertical motion on soil-
structure interaction. 
5. Study the nonlinear behavior of expansion joints subj ected to 
forces caused by vertical and horizontal motions. 
6. Investigation of the effects of vertical acceleration on the 
mechanism of load trans'fer at the abutments. 
106 
7. Instrumentation of bridges must be modified such that both 
vertical and torsional motions are identified and distinguished 
from each other. 
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Table 3.1 Properties of the Shell and the Grid Model for a Typical Example 
Model Component .Area., in2 I . 4 Trans., In 
Shell 8297. lO.716E07 
Dutter Logitudinal 
1882 . 45.71E06 Beams • 
Grid Inner Logitudinal 2266 . 7.87E06 Beams • 
Links" 3024. 
• Note that for a 3-cell box there are 2 of these . 
•• For these elements p = o. 
I . 4 Vert., In J in4 , 
5.936E06 
1. 28E06 3.0E06 
1. 688E06 3.0E06 
1. 75E05 
Table 3.2 Frequencies and Participation Factors for the Two Models 
Mode Shell Grid 
1 1.8 1.7 
2 2.8 2.8 
Frequency (H z) 
3 3.2 3.2 
4 6.4 6.4 
1 o. O. 
2 1.0 1.0 
Participation Factor 
3 1.0 1.0 
4 0.35 0.40 
109 
Table 3.3 Frequencies of Meloland Overpass for the First Run 
Mode Frequency (H z) 
1 3.3 
2 3.8 
3 4.7 
4 6.8 
Table 3.4 Frequencies of Meloland Overpass with Boundary Springs 
Mode Frequency (H z) 
1 2.5 
2 3.3 
3 4.7 
4 5.3 
Table 4.1 Convergence Tolerances 
Criterion Range 
Energy 10-3 - 10-5 
Dis placement 10-2 - 10-4 
II Foree 
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Table 6.1 Displacements of a Frame Similar to Deck-Column Connection 
Under Vertical and Lateral Load Using Two Models 
Load Displ. at Plane Stress Model Beam Model 
@C Point Vertical Lateral Vertical Lateral 
A -5.0 -3.12 -5.2 -3.12 
Vertical Load B 0.026 -3.12 0.034 -3.12 
C 7.0 -3.12 7.3 -3.12 
A 3.12 2.60 3.12 2.50 
Lateral Load B 0.0 2.60 0.0 2.50 
C -3.12 2.60 -3.12 2.60 
Table 6.2 Properties of Concrete and Steel 
C1 c 4.0 ksi 
€c 0.002 in/in 
Concrete C1 u 4.0 ksi 
€u 0.050 in/in 
Eo 4000.0 ksi 
Fy 60.0 ksi 
Steel Eo 30000. ksi 
Es 600.0 ksi 
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Fig. 2.4 Damage to the Column (from Fung, et al.) 
15600. 
10400. 
5200. 
o. 
-5200. 
' ... ...... 
...... 
...... 
...... 
...... 
...... 
...... 
...... 
...... Wtimate, Commed 
"", 
Wtimate, Unconfined', ... 
' ... 
4500. 
" 
" , 
" 
, 
, 
, 
, 
\ Balance Point 
18000. 
MOMENT (k-ft) 
Fig. 2.5 P-M Curves for the Column 
f 1 =2.3Hz 
a l = 0.0 
L ~ 
f 4 = 8.7 lIz 
a 4 = 0.0 
f 3 = 5.6 Hz 
a 3 = 1.0 
f 2 =3.3Hz 
Q'2 = 1.0 
f s = 8.9 Hz 
as = 0.0 
Fig. 2.6 Mode Shapes, Natural Frequencies and Participation Factors 
I-' 
I-' 
0'\ 
117 
4800.~--------------------------------------------------------------------~ 
~ _________ !!!~:!~_~!2__________________________________ _ ~_ __~ _________________________ _ 
Cracking Load 
~------------------------------------------------------- ~- ------------------------------
-1600.L-------------~------------~------------~-L----------~------------~ 
O. 2. 4. 6. 8. 10. 
TIME (sec) 
Fig. 2.7 Time History of Column Axial Force Due to Vertical Motion 
1500.~--------------------------------------------------------------------~ 
500. . . - A 1\ ~ ~'VV\J'VVVV V 
~ V V V 
, ~ ~ 
O.~------------------------~--------------~4+~_H~~~~~~~~----~ 
-500.L-------------~------------~------------~------------~------------~ 
O. 2. 4. 6. 8. 
TIME (sec) 
Fig. 2.8 Time History of Abutment Vertical Reaction Due to 
Vertical Motion 
10. 
118 
Fig. 3.1 Cross-Section of Typical RIC Box Girder 
Fig. 3.2 Modified Cross-Section of a Box Girder 
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